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ABSTRACT 
Abou-Jaoude, Grace G. Ph.D., Purdue University, December 2006.  Assessment 
of Static Pile Design Methods and Non-Linear Analysis of Pile Driving.  Major 
Professor:  Rodrigo Salgado. 
 
 
 
Pile foundations are used to transfer loads from the superstructure to deep 
layers in a soil deposit.  Depending on the installation method, piles can either 
preserve the original soil density and stress state to a certain degree (e.g., bored 
piles), or induce changes that cannot be easily quantified, leading to greater 
challenges in obtaining accurate estimates of pile resistance (e.g., driven or 
jacked piles).  Scientific advances in pile analysis have been made in recent 
decades but their implementation in the estimation of axial capacity has been 
slow.  The modeling of the pile driving process has been traditionally carried out 
using the one-dimensional wave equation analysis based on empirical factors to 
control the static and dynamic resistances developed in the soil.  Considerable 
effort has been spent in the past decades to develop models that eliminate the 
use of these empirical constants.  The present research focuses on extending 
the traditional wave equation analysis to incorporate the nonlinear soil behavior 
during driving.   
 
 xiv
The analysis incorporates all damping effects induced in the soil and 
considers the impact of shear modulus degradation on pile drivability.  The 
pile/soil interaction system is described by a mass/spring/dashpot system where 
the properties of each component are derived from rigorous analytical solutions 
or finite element analysis.  The outcome of this research is an algorithm that can 
be used to predict pile displacement and driving stresses.  Field experiment 
results are used to validate the numerical simulation.   
The major contributions of this work are the proper modeling of the 
physical problem in pile driving by accounting for the non-linear soil behavior and 
separately modeling all damping effects.  The new rheological models show, as 
expected, that sustained loads remain in the pile after a blow.  Pile displacement 
is accurately predicted when compared to field test results.  The resistance 
curves along the pile shaft and base properly reflect the nonlinear soil behavior.  
Given the complexity of the pile/soil interaction problem in pile driving and the 
limitations of the one-dimensional wave equation analysis, the present research 
should be viewed as an effort towards finding a more general solution based on a 
continuum analysis.   
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CHAPTER 1. INTRODUCTION 
1.1. Background 
Pile foundations have been historically used to transfer loads from the 
superstructure to firm ground layers at sites where shallow foundations cannot be 
used due to the presence of soft clay or loose sand layers.  Piles have been also 
designed to resist tensile and lateral loads.  Design methods for axial loads make 
use of the shaft and base capacities of the pile.  The shaft capacity is quickly 
mobilized for very small displacements, whereas the base capacity requires large 
displacements to fully mobilize. 
Depending on the installation method, most piles fall into one of two main 
groups: non-displacement piles or displacement piles.  Non-displacement piles 
are typically bored, cast-in-situ piles installed through some form of drilling 
followed by placement of concrete or grout.  This installation process does not 
cause soil displacements oriented away from the pile axis.  Displacement piles, 
on the other hand, are inserted into the ground by driving or jacking without prior 
removal of the soil from the ground.  From the pile design perspective, non-
displacement and displacement piles have different responses to axial loading.  
The installation of non-displacement piles preserves the soil density and stress 
state to a certain degree.  This allows the use of a variety of methods to model 
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the load response of these piles with reasonable accuracy, including calibration 
chamber tests and numerical simulations (Lee and Salgado 1999 and Lee et al. 
2003).  This means design methods for these piles are likewise reasonably 
accurate.  In contrast, the changes in the soil density and stress state induced in 
the soil by displacement piles cannot be easily quantified, leading in turn to 
greater challenges in obtaining accurate estimates of pile resistance. 
Once a determination is made to use driven piles in a given project, the 
sequence of the design process is usually the following: 
a) Examine soil investigation records; 
b) Develop a concept of the soil profile, including direct or indirect 
information (such as SPT blow count or CPT cone resistance 
values) on shear strength and a judgment on constructability of 
possible pile types; 
c) For the given superstructure loads, select a type of pile and use 
static analysis to estimate pile capacities for possible design depths 
based on the soil profile; 
d) Establish a correlation between driving parameters (typically the 
number of blows per unit pile penetration) and static load capacity if 
driven piles are selected; 
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e) Establish criteria for pile refusal or termination of pile driving for use 
in the field by the contractor and inspectors.   
1.2. Problem Statement 
Predictions made by design engineers of final driving depths (and thus pile 
capacities) in the field are not always entirely satisfactory.  The problem may lie 
in part in the static methods currently used to estimate pile capacity.  A popular 
program for this use was shown by Kim et al. (2002), Lee et al. (2003), and Paik 
et al. (2003) to indeed under-predict significantly the load capacity of both closed- 
and open-ended pipe piles, for the conditions investigated by these authors.  The 
problem may also be caused by use of imperfect methods to correlate the design 
static pile capacity with driving resistance.  It appears that the use of pile driving 
formulas, known to be inaccurate, is still common in many places.   
In part to address the difficulty of accurately predicting the static bearing 
capacity of driven piles, considerable effort has been spent on finding a dynamic 
analysis that can closely model the pile driving process.  The fundamental 
objective of such an analysis is to establish the relationship between the behavior 
of a pile during driving (i.e., how hard it is to drive a pile in a given soil profile) 
and its static resistance.  A hammer blow is mathematically imposed on a pile 
and the wave equation analysis leads to how much penetration (set) into the soil 
results from the hammer blow.  One can infer what the static capacity of the pile 
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would be when the amount of set calculated is compared to the actual set 
measured during driving. 
Most of the early efforts focused on the development of empirical pile-
driving formulas.  These formulas were based on Newtonian impact mechanics, 
according to which the pile is forced into the soil as a rigid body by the energy of 
the hammer blow.  Such formulas were adopted by various building codes 
throughout the United States and abroad.  The literature contains as many as 
four hundred and fifty of these formulas, the most well-known of which was the 
Engineering News Record Formula that was developed by A.M. Wellington.  It 
was not until the early 1930’s that researchers realized that pile driving is not a 
simple problem of impact of a rigid body on another rigid body that can be 
analyzed using Newtonian mechanics (Isaacs 1931).  It was shown that pile 
driving is more of a wave transmission problem that needs to be addressed by 
wave equation analysis.  Researchers started searching for different ways to 
address the problem by considering the physics of the pile driving mechanism 
and the effects of the pile-soil interaction.  The three main approaches to solve 
the wave equation problem are: simple numerical integration in time, finite 
element analysis, and closed-form solutions.  
The major breakthrough in pile dynamics was the introduction of the one-
dimensional wave equation analysis by simple numerical integration (Smith 
1960).  As computers became more advanced, several improvements were 
made to the work done by Smith as documented in Lowery et al. (1969), Hirsch 
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et al. (1976), Goble and Rausche (1976, 1986), Simons and Randolph (1985), 
Lee et al. (1988), Rausche et al. (1994), and Hussein et al. (1995).  Alternative 
techniques were proposed to examine the pile driving mechanism by the use of 
finite element analysis (Coutinho et al. 1988, Borja 1988, Nath 1990, and Deeks 
1992) or by the use closed-form solutions (Glanville et al. 1938, Hejazi 1963, 
Parola 1970, Wang 1988, Zhou and Liang 1996, and Warrington 1997).  
Goble et al. developed other applications of the wave equation to piles in 
the middle of the 1960s to calculate pile capacities from force and velocity 
measurements.  Instead of applying the hammer blow mathematically, the pile is 
instrumented near the pile head and force and velocity are measured upon 
application of a hammer blow to the pile.  Simple-closed form solutions were 
developed: the Case Method (Goble et al. 1975, 1980), the Impedance Method 
(Beringen et al. 1980), and the TNO Method (Foeken et al. 1996).  In 1970, 
based on a Ph.D. thesis (Rausche 1970), F. Rausche originated the signal 
matching technique and developed the computer program CAPWAP (Rausche et 
al. 1985), which uses the measured top force and velocity as input and computes 
the soil resistance forces acting on the pile during driving.  It also distinguishes 
between the shear and dynamic resistances and thus allows the prediction of the 
total static bearing capacity.  Though this technique is considered much more 
reliable than other dynamic methods, it also suffers from the reliance on 
excessively crude soil models (Randolph 2003).  Moreover, creep or 
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consolidation effects cannot be considered in this calculation, and the 
comparisons with actual static load tests cannot be made.   
1.3. Objectives 
The objectives of this research are divided into three parts.  First, the 
review and assessment of the static pile design process typically followed by 
Department of Transportation (DOT) engineers is discussed.  The main sources 
of problems and areas of improvement are identified and recommendations are 
made to introduce the state-of-the-art pile design methods that would lead to 
more economical and safer projects in the future.   
Second, the review and assessment of the dynamic soil models used in 
the wave equation analysis are presented.  The interest is mainly in the 
rigorously chosen input parameters and their relationship to the intrinsic soil 
properties.  The deficiencies in the original soil model defined by Smith (1960) 
and the subsequent linear soil models are highlighted.  Improved nonlinear soil 
models along the pile shaft and pile base are also presented and their 
advantages and disadvantages are discussed. 
Third, the proposed soil models along the pile shaft and pile base are 
presented.  The objective is to capture the dynamic response along the pile shaft 
and base by accounting for nonlinear soil behavior and all damping effects.  The 
stiffness and damping parameters are defined by the maximum shear modulus 
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Gmax, soil density ρ, Poisson’s ratio ν, and pile dimensions.  The proposed model 
is validated using results of field tests on full-scale and model-scale pile load 
tests.   
1.4. Manuscript Organization 
This thesis has seven additional chapters that cover the static and 
dynamic aspects of pile design.  In CHAPTER 2, a comprehensive review of pile 
design procedures is presented.  CHAPTER 3 focuses on the assessment of the 
static pile design methods for different pile types.  The latest static design 
methods and a systematic method of analysis are suggested for foundation 
designers to follow.  CHAPTER 4 covers a comprehensive literature review on 
the dynamic analysis of pile driving.  Another assessment is presented in 
CHAPTER 5 of the dynamic soils models that have been developed since the 
start of pile dynamic analysis in the 1960s.  In CHAPTER 6, the proposed soil 
models along the pile shaft and base are presented and introduced into the 
algorithm of the one-dimensional wave equation analysis.  The algorithm 
eliminates the use of the empirical values of quake and damping that are widely 
used in practice.  CHAPTER 7 discusses the field experiment results that were 
used to validate the proposed model.  The experimental setup for each test is 
described and the experimental results are compared to the numerical results 
obtained from the analysis.  A comparison is also made between the proposed 
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model and the original Smith model.  Finally, CHAPTER 8 summarizes the 
outcome of this research in terms of conclusions and recommendations. 
 
 9
CHAPTER 2. REVIEW OF STATIC PILE DESIGN PROCEDURES 
This chapter focuses on the comprehensive review of the static pile design 
procedure followed by the private and public sectors in the states.  The tasks 
involved a full review of the pile design process, identification of the main sources 
of problems, as well as identification of the areas of improvement that would lead 
to economical and safer projects.   
2.1. Background 
A series of interviews were conducted by Geoffrey Henggeler with INDOT 
engineers and private consultants during the summer of 2004.  The focus of the 
interviews was to develop an overview of the procedures and practices used in 
designing deep foundation systems.  The majority of deep foundation systems 
used by DOTs are for bridge projects, so the interviews focused mostly on topics 
related to deep foundations for bridges.  The goal was to develop an overview of 
the process that results in the production of the geotechnical engineering report, 
the typical product of a geotechnical consultant.  Additional interview information 
included practices related to the construction and quality assurance of the deep 
foundation system.  Results of the interviews also included changes and 
recommendations proposed by interviewees and others.   
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First, a basic overview of deep foundation systems in projects, including a 
description of the processes used to select a geotechnical consultant is 
presented.  Second, the procedures for producing a geotechnical engineering 
report are described, including the field and laboratory testing practices and 
engineering analyses performed.  Third, the main events related to the 
construction and testing of the deep foundation system are listed.  Finally, the 
suggested list of recommendations and proposed changes is included.   
2.2. Deep Foundation Design 
Static design methods of axially loaded piles are either based on soil 
shear strength parameters (su or φ ) or in-situ test results, typically the standard 
penetration test (SPT) or the cone penetration test (CPT).  These methods differ 
according to the soil type (sand or clay) and pile type (non-displacement or 
displacement piles).  Recent advances in piling technology have allowed more 
cost effective installation of non-displacement piles.  However, there are 
concerns about the conservativeness in the design of large drilled shafts (Harrop-
Williams 1989, Hirany and Kulhway 1989, De Mello and Aoki 1993).  In this 
context, advances in pile design methods can have significant economic impact 
and should be actively pursued (Lee and Salgado 1999).  The prediction of the 
load capacity of driven piles also faces major uncertainties due to the currently 
available design methods, which only approximately capture the effects of 
changes in the soil state induced during installation.  This leads either to 
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conservative designs if the capacity is under-predicted, or to severe foundation 
problems if the capacity is over-predicted (Klotz et al. 2002).  The behavior of 
closed- and open-ended pipe piles driven in sands has been discussed by Kim et 
al. (2002), Lee et al. (2003), and Paik et al. (2003).  A cost comparison between 
the proposed and existing design methods in those cases showed that the use of 
the methods proposed by these authors could result in significant cost savings.  It 
is necessary to develop more confidence in the proposed methods by performing 
additional instrumented pile load tests and then publicize widely the results (Kim 
et al. 2002).   
Bridge projects most commonly make use of deep foundation systems to 
transfer superstructure loads to the soil.  At the onset of a bridge design, the 
Department of Transportation (DOT) geotechnical engineers or a private design 
consultant are selected to manage and complete the project.  Once pile loads are 
estimated by structural engineers, the information is transmitted to the 
geotechnical engineers to allow them to complete a geotechnical engineering 
report.  This report is the typical product of the geotechnical engineer, and 
includes information such as the subsurface profile, lab and in situ test results, 
foundation system recommendations, and serviceability information.  In general, 
DOT geotechnical engineers prepare this report in their office, but certain 
conditions may lead DOTs to hire a geotechnical consultant to prepare it instead.  
For example, the State of Indiana has a list of 25 approved geotechnical 
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consultants that may be used to perform services for INDOT when workload or 
scheduling issues so require.   
2.3. Geotechnical Engineering Report 
The task of the geotechnical engineer, whether from a DOT or from a 
private consulting company, is to develop designs for deep foundation elements 
capable of carrying specified axial load (for typical bridge projects, the specified 
load may be 40, 55, 70, or 90 tons).  The geotechnical engineering report will 
typically include recommendations for piles that develop axial capacity of each of 
those standard design loads.  The design consultant then selects the pile size 
and capacity that best meets its needs.   
The first step in producing the geotechnical engineering report is to 
perform in situ and laboratory testing to characterize the soils at the project site.  
A standard practice for determining the amount and extent of exploratory borings 
is based on the number of spans in a typical bridge project.  For a standard 
three-span bridge, 70ft borings are run at each end bent and one 90ft boring is 
run at one of the interior bents.  For two-span bridges, a 70ft boring is run at one 
end bent and a 90ft boring at the other.  For larger multi-span bridges, 70ft 
borings are run at each end bent and 90ft borings are run at every other interior 
bent.  However, the actual depth of drilling operation depends on the required 
pile capacity and quality of the soil; drilling in weak soils may go as deep as 
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120ft.  This testing pattern ensures that adequate field information is acquired to 
perform design.   
SPT testing is done throughout the drilling process.  CPT testing is used 
occasionally and represents only a small fraction of in situ tests performed.  One 
reason for the infrequent use of the CPT, for example, in the State of Indiana, is 
that soil conditions in the state sometimes make the CPT unusable, especially 
considering the depths to which drilling is typically performed.  When used, 
however, good correlations are available between CPT results and various 
engineering and soil properties.  Other in situ testing methods, such as the PMT 
or dilatometer testing, are not yet used.   
Shelby tube samples are collected from each stratum of clayey soils.  
Unconfined compression tests are run on samples from each stratum, and 
consolidation tests are also performed if consolidation is believed to be an issue.   
Both axial and lateral loads are evaluated in deep foundation design and 
analysis.  For bridge projects, the lateral loads are typically much less than axial 
loads, but occasional non-bridge projects have significant lateral loads, such as 
sound barrier walls and traffic signs.  A safety factor of 2.5 is typically used in the 
static design of axially-loaded piles.  In cases of driven piles, if the pile driving 
analyzer (PDA) is used, the safety factor may be reduced to 2.0.   
The static design methods used in practice are mostly empirical, 
particularly for axial loading.  Commonly used analysis methods include the α, β, 
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λ, Janbu, and Norland Methods.  Pile setup during axial load conditions is 
considered if conditions warrant it.  A number of different software packages are 
used by DOTs and private consultants for design and analysis of piles and drilled 
shafts.  The computer programs S-Pile and Driven (both for driven piles) and the 
program Shaft (for drilled shafts) are often used.  The program GRLWEAP is 
used for dynamic analysis of pile driving conditions.   
The quality of the programs and availability of support, from the program 
developers, user manuals, or other experienced program users, received 
satisfactory ratings from the interviewed engineers.  In comparison, older, public 
domain software, such as S-Pile and Driven, were rated as ‘good’.  Most of the 
privately developed software, such as Axial and GRLWEAP, received ‘very good’ 
or ‘excellent’ ratings.   
Following the completion of the foundation analysis, the geotechnical 
engineer submits to the design consultant a set of design alternatives based on 
the load capacity range predicted by the consultant.  For each load, the design 
includes the pile type, size, depth, and group configuration.  For the geotechnical 
consultants, this is often the end of their involvement with the project.  Perhaps a 
few questions related to the report will arise and the design consultant will 
contact the geotechnical division.  However, unless problems arise during 
construction, there is little follow-up communication related to the report. 
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2.4. Post-Design Issues 
Changes to the foundation system occur infrequently after the 
geotechnical engineering report has been submitted.  If a sufficiently open line of 
communication has been maintained between the design consultant and the 
geotechnical engineer, these two parties will have arrived at the best foundation 
system solution prior to submitting the report.  Occasionally, however, the 
contractor or foundation subcontractor will propose modifications to the 
foundation system.  A cost reduction incentive (CRI) program allows contractors 
to propose modifications and submit them to the design consultant.  Such 
proposal includes a complete design alternative, including additional testing and 
analysis, if necessary.  If the CRI is accepted, the cost savings are split evenly 
between the state and the contractor. 
Construction is monitored in the field by quality control personnel, 
provided by the contractor, and a field engineer, an employee of the design 
consultant or the state.  The quality-control personnel ensure that adequate 
construction practices are maintained for the best quality product.  The field 
engineer is responsible for the completed project, making sure everything 
matches the design and engineering drawings produced by the design 
consultant.  Problems that arise in the field, whether due to field conditions or 
mistakes discovered, are first brought to the field engineer.  The field engineer 
makes the decision to remedy the problems on site or to consult the design 
consultant.  When issues arise related to the foundation system, the geotechnical 
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consultant is contacted to seek their advice.  Changes are never made to the 
foundation system without consultation with the geotechnical engineer(s) 
involved with the project. 
For driven piles, a pile driving chart is provided to the field engineer.  This 
chart may be generated by a wave equation analysis program, such as 
GRLWEAP, or by empirical formula method, such as the Gates’ Formula.  The 
field engineer uses this chart to ensure that the pile driving operation does not 
damage the piles and to decide when to stop driving.  Additionally, a pile driving 
analysis (PDA) may be performed during the pile driving operation.  This analysis 
is based on the Case Method, developed in the 1970s.  It will be discussed in 
detail in the subsequent chapter on dynamic analysis.  A number of factors are 
considered when deciding whether or not to perform a PDA, including the total 
cost of the project, the cost of the foundation system, the design capacity of an 
individual pile, and the pile driving conditions.  The primary objective of a PDA is 
to ensure acceptable pile driving conditions so as to not damage the pile.  While 
PDA results may be used to verify the predicted pile capacity, they are never 
used to determine a design capacity.   
Static load tests are frequently done as part of research projects and only 
done in practice when the cost of a project exceeds a certain amount.  Unless 
the goal of these load tests is research, Davisson’s ultimate load criterion is often 
used as a stopping criterion for the test.  Pile integrity and crosshole testing are 
also rarely performed in order to verify the quality of installed drilled shafts.   
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2.5. Recommendations and Changes 
As part of understanding how geotechnical engineers discover new 
advances and disseminate their knowledge and experience, a portion of this 
study was specifically targeted to address these issues.  Several improvements 
and changes to deep foundation engineering and the procedures used to 
produce deep foundation designs were suggested.   
A variety of sources are used by DOT engineers and consultants to 
discover new advancements in deep foundation engineering, including 
professional seminars, journal articles, conference proceedings, and short 
courses.  Interaction with the Federal Highway Administration (FHWA) engineers, 
research universities, and other engineers and construction personnel in the field 
is valuable.  The development of new advancements ‘in house’ was particularly 
emphasized by private firms.  These advancements, whether highly technical or 
relatively general, can effectively be used by a firm in their practice.  Conversely, 
many of the same venues for learning of new advancements are also used to 
share them.  However, industry groups and committees and interaction with other 
agencies, such as the FHWA, serve as the most common channel for sharing 
new advancements.   
Improvements and changes are suggested, related to issues ranging from 
analysis and design methods (i.e. ‘the science’) to practices and situations 
arising during design (i.e. ‘the practice’).  Desired improvements related to ‘the 
science’ included areas mostly related to pile-soil interaction.  One of these 
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topics was a desire for a better understanding of the mechanics of pile driving, 
including the life and aging process of the soil following pile installation.  Other 
topics included a better understanding of pile-soil interaction in pile groups and 
the development of closer relations between in situ testing and actual pile 
behavior.  The potential for advancements in these areas is only likely if current 
research focuses on these areas.  The likelihood of this occurring increases if 
encouragement and/or funding from industry are used in academia to promote 
research in these areas.   
Desired improvements related to ‘the practice’ included a wide range of 
topics, from software packages and design procedures to business practices 
followed in the geotechnical engineering industry.  Several interviewees 
expressed an interest in seeing updates in certain design and analysis software 
packages.  Concern was expressed that good software programs may become 
less valuable due to outdated models and methods used within the program.  
The majority of referenced programs provided design and analysis based on 
CPT results.  Improvements to software packages, particularly software 
developed by government agencies or federal funding, are difficult to control or 
influence.  Private software developers are more likely to periodically provide 
updates to their software in order to provide customer service and increase or 
maintain income levels.   
Improvements to design procedures were also recommended by several 
engineers.  The inconsistencies between many types of design procedures for 
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geotechnical design, especially when compared to the structural engineering 
field, were lamented.  Many engineers are encouraged by the Load and 
Resistance Factor Design (LRFD) methods that were developed in the course of 
this research at Purdue University for static design of axially-loaded piles in 
sands and clays.   
Some concern was expressed by engineers from private firms who see 
their involvement with a project cease following the submission of the 
geotechnical engineering report.  On many occasions, they never hear of the 
results of their work.  In particular, PDA results that may verify and validate the 
analysis methods used are not actively made available to consultants.  
Consulting firms suggested the creation of a public access database of PDA 
results for at least a number of INDOT projects.  This would allow engineers to 
compare design estimates with PDA results and evaluate the results.  If 
additional testing information, including static load test results when available, 
were made accessible to engineers, it would likely increase the confidence 
engineers maintain in analysis methods and result in better products for the 
future.   
The standard of practice in Fast Track projects was also an issue of 
concern for several engineers.  Fast Track projects follow an accelerated design 
and construction schedule for important or critical projects.  Under the Fast Track 
system, foundation design may occur before a design consultant is selected, and 
construction may begin before the design is completed.  This system provides 
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savings in time and cost when used, but it presents many challenges that must 
be addressed properly.  In particular, the beneficial interaction between design 
consultant and geotechnical engineer is difficult to develop if the geotechnical 
engineering occurs prior to selecting the design consultant.  Thoughtful 
consideration should be made in developing specific procedures for Fast Track 
projects that ensure the needs and concerns of the engineers are met throughout 
the design process in order for quality products to be delivered.   
2.6. Conclusion 
An overview of the deep foundation design procedures followed by DOTs 
and their consultants reveal that, in general, good practices are followed all 
around.  Procedures relating to site investigation and laboratory testing, design 
and analysis practices, and construction and testing methods represent 
thorough, methodical approaches to foundation design.  Additionally, procedures 
followed by DOTs and geotechnical consultant engineers are very similar.  
Although not necessarily a major consideration, the fact that the same software 
programs are used by geotechnical engineers involved with deep foundation 
design ensures that consistent designs are produced no matter what entity the 
designer works for.   
However, there are a few considerations that are worth mentioning.  There 
is a need for better coordination between the geotechnical engineer and the 
design consultant.  It is recommended that DOTs adopt design methods that are 
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more accurate and user-friendly to ensure safe and economic designs.  Training 
that will allow better understanding of the methods used by different software is 
also encouraged.   
Knowing that INDOT usually designs to reach the required pile capacity by 
varying the pile length, it is recommended to rather vary pile cross-section at the 
time of static analysis, targeting pile termination in the same soil layer whenever 
possible.  This practice is very useful in order to limit pile differential settlements.  
In the field, the bearing layer elevation will vary, and driving resistance can serve 
as a guide in reaching consistently the same layer.  The design methods DOTs 
use are empirical and often lead to conservative capacities.  It is recommended 
that DOTs start adopting the CPT-based pile design methods that have been 
proposed by many research groups.  CHAPTER 3 focuses on the assessment of 
the static design methods used and will propose a standard design procedure 
that is easy to use for all design projects. 
The recommendations and changes suggested by interviewed engineers 
indicate that engineers know the limitations and weaknesses of their own 
procedures.  A very important aspect in foundation design is the need for better 
communication channels between the geotechnical engineer and the design 
consultant.  It is suggested that more effort be placed by the geotechnical 
engineer to be fully involved in the foundation design process and to ensure a 
follow-up during the construction phase.  This practice will help the geotechnical 
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engineer to contribute to the performance of the structure, to increase the 
reliability of the process, and to improve design practices. 
The issue raised regarding PDA results is also an important one.  Many 
DOTs already maintain a database of pile driving records for their own use.  It 
would involve some effort on the part of the state to make it available to 
geotechnical firms but it would be a great benefit to design consultants (and, 
indirectly, to the state).  Sunshine laws likely already mandate that such 
information ought to be available to any parties that would like access to it.  
Consideration of these and other mentioned suggestions would ensure that deep 
foundation design quality is maintained.   
A complete list of recommendations and changes is summarized below.  
a) Static load tests should be carried out to plunging instead of just 
satisfying the Davisson’s ultimate load criterion in order to derive 
more useful information about the load-settlement curves.   
b) The mechanics of pile driving should be better understood, 
including the life and aging process of the soil following pile 
installation.   
c) The pile-soil interaction in pile groups should be more developed.   
d) The relationships between in-situ testing and actual pile behavior 
should be explored further.   
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e) Design software programs should be updated frequently; otherwise 
they risk becoming less valuable due to outdated models and 
methods used within the program. 
f) Improvements to design procedures were recommended by several 
engineers.   
g) Load and Resistance Factor Design (LRFD) methods developed at 
Purdue University were welcomed by many engineers.   
h) Private firms expressed concern about their non-existing 
involvement with a project following the submission of the 
geotechnical engineering report.   
i) The creation of a public access database of PDA results was 
suggested.   
j) Fast Track projects present an issue of concern for several 
engineers because it limits the beneficial interaction between 
design consultant and geotechnical engineer.   
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CHAPTER 3. ASSESSMENT OF STATIC PILE DESIGN METHODS 
This chapter focuses on the assessment of the static design methods of 
pile design.  Based on the results of the interviews presented in CHAPTER 2, the 
use of more accurate design methods is necessary to ensure a systematic 
method of analysis that should, over time, benefit every geotechnical engineer.   
3.1. General Static Pile Design Methods 
CHAPTER 2 revealed that the most common methods used by DOT 
geotechnical engineers are empirical and based on soil properties.  The  static 
design procedure to predict pile capacities, presented in the Geotechnical 
Manual of INDOT (INDOT 2005), shows that INDOT recommends that all 
“Geotechnical Consultants review the methods, assumptions, and values used 
by INDOT Geotechnical Section to compute the ultimate bearing capacity for 
piles”.  It also states that Nordlund’s and Tomlinson’s methods for cohesionless 
and cohesive soils, respectively, are used to predict the pile capacity.  These 
methods form the basis for the computer program DRIVEN (FHWA), earlier 
known as SPILE, which is used in design.  Salgado et al. (2002) presented a 
comprehensive review of the procedure followed by DRIVEN among other pile 
design methods.  They also showed a comparison between two proposed design 
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methods, for open- and closed- ended pile, and the ones commonly used by 
INDOT.  They concluded that the existing methods are excessively conservative, 
while the proposed methods are more comparable to pile load test results.  They 
showed design savings up to 60% for piles embedded in strong bearing layers 
using the proposed design methods, compared with the results of DRIVEN.   
Load and Resistance Factor Design (LRFD) is set to replace the dominant 
Working Stress Design (WSD) format in structural engineering in the next few 
years.  In addition to the ongoing effort by the design code-writing and regulatory 
community to introduce LRFD into practice in structural engineering, the design 
of foundation elements is to be included in this transition.  Based on the steps 
taken by DOTs to encourage this new design format, LRFD will most likely 
become the mandated format for the design of all geotechnical structures.  
Accordingly, developing and choosing appropriate pile design methods to use 
with the LRFD framework has become more crucial.  As part of the assessment 
of static pile design methods portion of this research, several pile design 
methods are assessed and resistance factors are recommended for the shaft 
and base resistances.  The recommended resistance factors for each design 
method are based on a systematic framework that was strictly followed to assess 
all uncertainties present in a particular deign method (Foye et al. 2006).  These 
resistance factors are included in SECTION 3.5 as part of the general design 
procedure recommended for pile foundation projects.  Recently, a workshop on 
Load and Resistance Factor Design (LRFD) methods was organized at Purdue 
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University.  The goal of this workshop was to train the geotechnical engineers 
from the public and private sector in how to work with LRFD design methods for 
both shallow and deep foundations.   
3.2. Pile Design Process 
Salgado (2008) breaks down the design process for all types of piles into 
the following steps: 
a) Selection of piles over other types of foundation structures. 
b) Selection of pile type based on local practice, constructability, 
economics, given structural loads, etc… 
c) Examination of soil profile and decision of pile length.  Depending 
on the strength of the soil layers, two options exist: a) end-bearing 
pile where the pile tip is embedded in a competent soil layer, or b) 
floating pile where no competent layer exists and the pile is 
designed to be thin and slender. 
d) Decision on pile cross-section based on static analysis of pile 
capacity. 
e) Selection of driving system in case of driven piles. 
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f) Specification of minimum pile length to ensure that total shaft 
capacity will be mobilized. 
g) Specification of minimum driving resistance to ensure proper 
functioning of a driven pile 
h) Specification of installation method for a drilled shaft based on soil 
profile and groundwater presence.   
3.3. Axial Capacity of Single Piles 
The ultimate bearing capacity Qult of a single pile may be expressed as the 
sum of the limit shaft resistance QsL and the ultimate base resistance Qb,ult. 
n
ult b,ult sL b,ult b sLi si
i=1
Q =Q +Q =q A + q A∑  Eq. 3.1 
where qb,ult is the ultimate unit base resistance, qsLi is the limit unit shaft 
resistance along the interface of the pile with soil layer i, and n is the number of 
soil layers crossed by the pile, obtained by dividing the soil profile into sublayers 
with similar soil properties, cone penetration resistance qc (obtained from the 
CPT), and/or standard penetration resistance N60 (obtained from the SPT).   
For a pile diameter B and soil layer thickness Δhi, the areas of the pile 
shaft in layer i and pile base are given in Eq. 3.2 and Eq. 3.3, respectively.   
si iA =πBΔh  Eq. 3.2 
 
 28
2
b
BA =π
4
 
Eq. 3.3 
The limit shaft resistance is used based on the underlying assumption that 
the settlement at which the pile ultimate load is reached is more than sufficient 
for full mobilization of the shaft resistance.  The most widely used ultimate base 
resistance criterion is the 10%-relative-settlement criterion, where the ultimate 
unit base load corresponds to that for which the pile settlement is 10% of the pile 
diameter. It is important to note that the limit shaft resistance is fully mobilized at 
very small settlements and thus is reached prior to satisfying the ultimate base 
resistance criterion.   
The methods used for pile design are generally categorized into two types:  
a) methods based on soil properties, and b) methods based on in-situ tests.  Soil-
property based methods are different for sands and clays.  For sands, values of 
relative density and initial stress state are required, whereas, for clays, values of 
undrained shear strength and plasticity index are used to arrive at estimates of 
qsL and qb,ult.  In-situ test-based methods are more convenient because qsL and 
qb,ult are directly correlated with either qc or N60.  In addition to the soil type and 
soil state, the unit resistances qsL and qb,ult also depend on the chosen pile type 
and installation method.  Accordingly, there are different methods developed for 
displacement piles and non-displacement piles. 
Whether a working stress design (WSD) framework or a load and 
resistance factor design (LRFD) framework is adopted, the procedure in 
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designing axially-loaded piles should start by finding the ultimate base resistance 
value, then the total limit shaft resistance.  In WSD, a factor of safety of 2.5 is 
typically chosen for the total ultimate capacity of the pile calculated using Eq. 3.1.  
In LRFD, resistance factors are preferably chosen for the base resistance Qb,ult 
and shaft resistance QsL, separately (Foye et al 2004, Foye et al. 2006).   
3.4. Design Framework 
3.4.1. Soil-Property Based Methods 
3.4.1.1. Base Resistance in Sands 
The failure mechanism at the pile base in sands is similar to the failure 
mechanism of shallow foundations (Figure 3.1).  Accordingly, we can express the 
base resistance of piles in sands in the same way as the bearing capacity of a 
foundation.  The bearing capacity of axially loaded, vertical piles installed at the 
ground level is expressed as:  
( )bL q q 0q = s d q Nq  Eq. 3.4 
Base and ground inclination factors are not needed for piles.  The only 
considerations that are significant in this case are the effects of the slenderness 
of piles and the embedment depth.  The general equation for limit base 
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resistance, which incorporates all these factors, is given in terms of effective 
stress as follows: 
bL v qq =σ' N L  Eq. 3.5 
Sand
Base Failure Mechanism  
Figure 3.1 Pile base failure mechanism 
Similarly, the ultimate base resistance is expressed as:  
b,ult v q,ultq =σ' N  Eq. 3.6 
It is important to note that Nq,ult is a factor that decreases with increasing 
σ’v.  Salgado (1995) shows that the ultimate base resistance qb,ult increases non-
linearly, at a decreasing rate, with increasing σ’v, which also relates to increasing 
pile length.   
As stated earlier, the most widely used ultimate base resistance criterion 
is the 10%-relative settlement criterion.  This will be the definition that is used for 
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ultimate base resistance hereinafter.  The ultimate base resistance is related to 
the limit base resistance by the factor cb as follows: 
b,ult b bLq =c q  Eq. 3.7 
Table 3.1 presents the values of cb used to calculate the unit base 
resistances, with the 10%-relative settlement criterion, of displacement (driven) 
and H- piles and non-displacement (drilled shafts) and continuous flight auger 
(CFA) piles. 
Table 3.1 Summary of design cb values for calculating unit base resistance of 
different pile types 
Pile Type cb Reference 
Displacement Piles and H-
Piles 
0.35-0.5 
0.4 
R1.02-0.0051D (%)  
Chow (1997)* 
Randolph (2003) 
Foye et al. (2006)* 
Non-displacement Piles 
(drilled shafts) and CFA 
Piles?
[ ]R0.23-exp -0.0066D (%)  Salgado (2006a,b)?
* Pile load tests 
? Finite Element Analysis
?Conservatively assumed to have the same resistance as drilled shafts 
Experimental results and analytical solutions have shown that the limit 
base resistance qbL is approximately equal to the cone penetration resistance qc 
(Lee and Salgado 1999, Salgado 2008).  In the absence of CPT data, the cone 
penetration resistance qc is expressed in terms of relative density DR and lateral 
effective stress σ’h.  The same relation would apply for the limit base resistance, 
so qbL would be calculated using the equation proposed by Salgado and Prezzi 
(2006).   
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( ) R
0.841-0.0047D
bL h
c c R
A A
q σ'=1.64exp 0.1041 + 0.0264-0.0002 D
p p
φ φ ⎛ ⎞⎡ ⎤ ⎜ ⎟⎣ ⎦ ⎝ ⎠  
Eq. 3.8 
where φc is the critical friction angle expressed in degrees, DR is in percentage, 
and pA=100kPa=0.1MPa~1tsf.   
A few remarks are noteworthy in order to complete the discussion of base 
resistance of piles.  First, it is suggested to limit the ultimate unit base resistance 
for drilled shafts to a value of 5MPa.  This cap on the capacity is applied due to 
several factors: a) to account for any limitations that the design method may 
have, b) to provide additional insurance against a number of problems that could 
occur during the drilled shaft installation.  Second, due to the possible plug 
formation during the installation of an open-ended pile in sands, Lehane and 
Randolph (2002) recommend that the ultimate unit base capacity qb,ult of these 
piles be conservatively estimated by the qb,ult of non-displacement piles.  The pile 
capacity would then be calculated by multiplying this conservative ultimate unit 
base resistance by the gross cross section of the pile.  Third, there is no plug 
formation when an H-pile is statically loaded.  The total base capacity for such 
piles is thus calculated using the actual H-pile cross-sectional area.   
3.4.1.2. Shaft Resistance in Sands 
As stated earlier, the shaft resistance in sands is fully mobilized along 
most of the pile length well before the ultimate base resistance criterion is 
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reached in most types of piles.  Accordingly, the appropriate ultimate unit shaft 
resistance is the limit shaft resistance qsL.  This qsL is reached once the sliding 
force at the interface reaches the value of the product of normal stress at the 
interface with the interface friction coefficient.  Figure 3.2 depicts how the 
resistances develop along a typical pile shaft section.  The general equation for 
the limit shaft resistance is: 
sL vq =Kσ' tanδ  Eq. 3.9 
where K is the coefficient of lateral earth pressure, which is a function of the pile 
type and installation method, δ  is the interface friction angle, and σ’v is the 
vertical effective stress.   
 
Figure 3.2 Development of shaft resistance in a typical pile shaft section 
In Eq. 3.9, values of δ should be expressed in terms of the critical state 
friction angle φc since large strains will develop near the pile shaft at ultimate load 
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levels that are enough to cause the soil close to the interface to reach critical 
state.  These values of δ are different based on the pile type as shown in Table 
3.2.  Values of K vary depending on the pile installation method.  For non-
displacement piles (drilled shafts), Salgado (2006a, b) proposes values for K 
based on extensive finite element analyses, as shown in Figure 3.3.  A general 
equation was developed to approximate the values of K, as shown in Table 3.3.   
No rigorous analysis is available for either CFA piles or partial and full-
displacement piles.  For displacement piles, the most commonly used 
relationships are still based on experimental research and experience.  Table 3.3 
summarizes the most common relationships used for each pile type.   
Table 3.2 Values of δ  for different pile types 
Pile Type δ 
Cast-in-place concrete φc
Precast concrete 0.95 φc
Steel 0.85 φc
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Figure 3.3 K/K0 based on finite element analysis (Salgado 2006a, b) 
Table 3.3 Values of K for different pile types 
Pile Type Relation for K 
Non-displacement 
piles v R
A0
K σ'=0.7exp 0.0114-0.0022ln DpK
⎧ ⎫⎡ ⎤⎛ ⎞⎜ ⎟⎨ ⎬⎢ ⎥⎝ ⎠⎣ ⎦⎩ ⎭ *
 
CFA piles 0.9 1K≤ ≤  
Displacement piles ,0.02 q ultK N=  
( ), 0.136exp 0.182q ult pN φ=  
H-piles 75% of the value of K calculated for displacement 
piles?
* pA = 100kPa=0.1MPa~1tsf 
?For H-piles, use the full steel-soil interface area to calculate the total shaft resistance 
where σ’v  is the vertical effective stress at the middle of the sand layer, DR is in 
percentage units, Nq,ult is calculated using the method proposed by Berezantsev 
et al. (1961),  φp is the peak friction angle in degrees   
For displacement piles, Bolton’s equation is used to calculate φp.  This is 
an iterative procedure but converges rather quickly.  The steps taken to calculate 
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the limit shaft resistance qsL start by making an initial estimate of φp used to 
calculate Nq,ult in Table 3.3.  Knowing the typical value of φc, the following 
equations are used to calculate a new value of φp:   
p c p= +0.8ψφ φ  Eq. 3.10 
and 
( )'Rp ψ mp QDψ =A Q-lnσ -R100⎡ ⎤⎢ ⎥⎣ ⎦  
Eq. 3.11 
where φc is the critical friction angle which ranges between 28 and 36 degrees, 
Aψ is a constant equal to 3.75 in triaxial soil conditions and 6.25 in plane strain 
soil conditions, Q and RQ are also constants. If no other information is available, 
one can use 10 and 1, respectively, and σ’mp is the mean effective stress given in 
Eq. 3.12.   
mp v q,ultσ' =σ' N  Eq. 3.12 
Compare the new to the old value of φp and if necessary, repeat iteration 
until satisfactory convergence is reached.  Finally, knowing the true value of φp, 
one can calculate the limit shaft resistance qsL.   
Another method to find the limit shaft resistance qsL, using qb,10% and the 
equation of cb according to Foye et al. (2006) is to replace  by qv q,ultσ' N b,10%.  The 
resulting equation for qsL is: 
[ ]sL b,10% R bLq =0.02tanδq 0.02tanδ 1.02-0.0051D q=  Eq. 3.13 
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where qbL can be calculated from Eq. 3.8 and DR is in percentage. 
3.4.1.3. Base Resistance in Clays 
The original equation that is used to calculate the limit base resistance of 
piles in clays is same as the bearing capacity equation for shallow foundations.   
( )u ubL s s uq =5 s d s +q0  Eq. 3.14 
where q0 is the surcharge at the level of the base of the foundation, which in case 
of piles is equal to the pile weight multiplied by the cross-sectional area. 
The net limit base resistance of piles in clays is equal to 
( )u unetbL s sq =5 s d su  Eq. 3.15 
The most common value used for the ratio of qbLnet/su is 9.  However, recent 
research suggests that this ratio might be too low.  The recommended values to 
use for the different pile types are summarized in Table 3.4.   
Table 3.4 Summary of design equations for calculating unit base resistance of 
different pile types 
Pile Type qb,10% Reference  
Non-displacement piles 
(drilled shafts) and  
CFA piles 
9.6su Hu and Randolph (2002) 
Salgado (2006a) 
Displacement piles 
(pipe piles and H-piles)* 
10su Randolph and Murphy (1985) 
Salgado (2006a) 
* Use the gross cross-sectional area of the base in the calculation of the total base resistance for 
soft and stiff clays 
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3.4.1.4. Shaft Resistance in Clays 
The shaft capacity in clays is more important than in sands due to the 
much lower ultimate unit base to limit unit shaft resistance ratio, 10-20 in clays 
compared to 50-200 in sands.  As in all situations, design in clayey soils can be 
done using total stress analysis or effective stress analysis.  It is recommended 
to use the total stress analysis, known as the α-method, where the design 
equation is: 
sL uq =αs  Eq. 3.16 
where su is the undrained shear strength and α- values depend on the pile type 
as shown in Table 3.5.   
Table 3.5 Summary of α-values for calculating limit shaft resistance of different 
pile types 
Pile Type α Reference  
Non-displacement 
piles (drilled 
shafts) and  
CFA piles 
0.4 1 0.12ln u
A
s
p
⎡ ⎤⎛ ⎞−⎢ ⎥⎜ ⎟⎝ ⎠⎣ ⎦
* 
used for 3 5OCR≤ ≤ ?
Hu and Randolph 
(2002)  
Salgado (2006a) 
Displacement 
piles 
(pipe piles and H-
piles)?
0.5 0.5
0.5 0.25
, 1
' ' '
, 1
' ' '
u u u
v v vNC
u u u
v v vNC
s s sfor
s s sfor
σ σ σα
σ σ σ
−
−
⎧⎛ ⎞ ⎛ ⎞⎪ ≤⎜ ⎟ ⎜ ⎟⎪⎝ ⎠ ⎝ ⎠= ⎨⎛ ⎞ ⎛ ⎞⎪ >⎜ ⎟ ⎜ ⎟⎪⎝ ⎠ ⎝ ⎠⎩
 
Randolph and Murphy 
(1985) 
 
* pA = 100kPa=0.1MPa~1tsf 
? Conservative for over-consolidation ratio OCR<3 
?In soft clays, the outside perimeter of an H-pile is used to calculate the total shaft capacity.  In 
stiff clays, plug detachment could occur (Tomlinson 1987) so the external surface area 
associated with the flanges is only used to calculate the total shaft capacity. 
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3.4.2. Direct Design Methods 
Direct design methods rely on direct correlations between in-situ tests 
performed prior to pile installation and measured pile capacity after driving.  Most 
direct design methods are based on either the standard penetration test (SPT) or 
the cone penetration test (CPT).  The SPT does not relate well to the quasi-static 
pile loading process.  In contrast, the CPT resembles a scaled-down pile load 
test.  Therefore, it is recommended to use the CPT whenever soil conditions are 
favorable for its operation.   
3.4.2.1. CPT-Based Design Methods 
Cone penetration resistance may be used as a proxy for limit base 
resistance in piles with small error (Lee and Salgado 1999).  The main difference 
between the CPT and a larger diameter pile base is the size of the zone of soil 
influencing the base capacity.  It is recommended to penetrate the pile at least 
two diameters in the bearing layer in order to derive the full benefits of the 
bearing layer.  It is also necessary to make sure that the worst applicable CPT 
log is used, when there is a sufficient number of CPTs performed, in order to 
account for soil variability.   
The general forms of direct design methods for estimating qb,ult and qsLi 
using CPT results are: 
b,ult b cbq =c q  Eq. 3.17 
 
 40
and 
sLi si ciq =c q  Eq. 3.18 
where cb and csi are constants that depend on the soil type and pile type, qcb is 
the representative CPT value at the pile base which is equal to qbL, qci is the 
representative CPT for layer i. 
3.4.2.2. SPT-Based Design Methods 
While the SPT has no resemblance to pile loading, the SPT blow counts 
are affected by the same factors as cone penetration resistance qc.  However, 
few methods have been developed using SPT results to calculate pile resistance.  
Specifically for clayey soils, SPT correlations are very unreliable.   
Similar expressions to the CPT based design method can be used for 
estimating qb,ult and qsLi using SPT results. 
b,ult
b b
A
q
=n N
p
 
Eq. 3.19 
and 
sLi
si si
A
q =n N
p
 Eq. 3.20 
where nb and nsi are constants that depend on the soil type and pile type, Nb is 
the representative CST value at the pile base, Nsi is the representative SPT for 
layer i.   
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3.4.2.3. Correlation between qc and the NSPT  
A correlation exists between the CPT qc and the SPT blow count N60 since 
both tests derive their values from the penetration resistance that the soil exhibits 
during testing.  The difference lies in the quasi-static application of the CPT 
versus the dynamic application of the SPT.  In a dynamic environment, the static 
shear properties of the soil are not reflected, which means that N60 will be much 
higher than the corresponding qc value.  Accordingly, one would expect that the 
qc/(pAN60) ratio be lower for clays and higher for sands.  The correlation proposed 
by Robertson et al. (1983), shown in Figure 3.4, illustrates how the ratio 
qc/(pAN60) varies from around 1 in clays to as high as 6 for medium coarse sands. 
Note that, although such correlation is useful, it still should be used with caution 
since there is always an additional error introduced by the transformation.  
However, during the assessment of design methods for LRFD format, it was 
found that CPT based design methods have a lower uncertainty than SPT based 
design methods.  Thus, in cases where SPT is the only test performed on a site, 
it is suggested that one uses the correlation with CPT to convert the N60-values 
and then use the qc-values in the design equations.   
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Figure 3.4 Correlation between CPT cone resistance and SPT blow count 
(modified after Robertson et al. 1983). 
3.4.2.4. Base Resistance in Sands 
The cone penetration resistance qc is conceptually equal to qbL.  A good 
design habit is to estimate qbL by averaging the representative values of qc over a 
distance of 1.5 times the pile diameter (1.5B) below the pile base and 1B above 
the pile base, as shown in Figure 3.5.  The value of the ratio qb,ult/qcb in Eq. 3.17 
depends on the pile type and the soil properties, specifically relative density.  
Table 3.6 shows the most up-to-date values of cb that have been developed by 
researchers.  Although the simplest design method would be to use the ratio 
value of 0.4 given by Randolph (2003), it is recommended that the relative 
density of the base layer be incorporated in the design, due to the high 
dependency of qb,ult/qcb on DR.  Note that these design equations are based on 
the 10%-relative settlement criterion, which means that qb,ult/qcb= qb,10%t/qcb.   
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Figure 3.5 Typical layering scheme based on qc-values along the pile shaft and 
recommended averaging of qc-values in the bearing layer to find qbL. 
For open-ended piles, one has to have a good understanding of the 
plugging mechanism to obtain a good estimate of the incremental filling ratio 
(IFR).  IFR is a measure of the state of plugging of the pile at any point during 
driving and is defined as: 
pdLIFR=
dL
 
Eq. 3.21 
where Lp is the plug length and L is the pile penetration length. 
Paik et al. (2003) provide guidance on estimating values of IFR when field 
measurements are not available.  However, it is recommended that a test pile be 
installed on site prior to completion of the design stage.  Based on the results of 
this test pile, one could have a value for IFR that is an improvement over just 
guesswork.   
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Table 3.6 Summary of cb-values for calculating ultimate base resistance of 
different pile types 
Pile Type cb Reference  
Non-displacement piles 
(drilled shafts) and  
CFA piles 
 
( )0.23exp 0.0066 (%)RD−   Salgado (2006a) 
Closed-ended pipe piles 
and H-piles 
0.35-0.5 
0.4 
1.02 0.0051 (%)RD−  
Chow (1997) 
Randolph (2003) 
Foye et al. (2006) 
Open-ended pipe piles 0.52 0.0041 (%)IFR−  Lee et al. (2003) 
3.4.2.5. Shaft Resistance in Sands 
CPT or SPT correlations for the shaft resistance are relatively scarce, 
especially for drilled shafts.  The methods provided in Table 3.7 are based on 
research done by Aoki and de Alencar Velloso (1975), Lopes and Laprovitera 
(1988), and Lee et al. (2003) for displacement piles.  Aoki et al. (1978) present 
numbers that can be used for the design of drilled shafts.  There are no results in 
the literature for CFA piles yet.  This shows that there is a definite need for more 
research in this area to obtain more rigorous design equations for the shaft 
resistance.   
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Table 3.7 Summary of cs-values for calculating limit shaft resistance of different 
pile types 
Pile Type cs Reference  
Displacement piles 0.004 for clean sand
0.0057 for silty sand
0.0069 for silty sand with clay
0.0080 for clayey sand with silt
0.0086 for clayey sand
sc
⎧⎪⎪⎪= ⎨⎪⎪⎪⎩
 
Aoki and de Alencar 
Velloso (1975) * 
 0.0027 for clean sand
0.0037 for silty sand
0.0046 for silty sand with clay
0.0054 for clayey sand with silt
0.0058 for clayey sand
sc
⎧⎪⎪⎪= ⎨⎪⎪⎪⎩
 
Lopes and Laprovitera 
(1988) 
Open-ended pipe 
piles 
0.0015 0.003  for IFR 0.60
0.0015 0.004  for 0.6<IFR 1s
c
− ≤⎧= ⎨ − ≤⎩
 Lee et al. (2003) 
Closed-ended pipe 
piles 
R
R
R
0.004 0.006  for D 50%
0.004 0.007  for 50<D 70%
0.004 0.009  for 50<D 90%
sc
− ≤⎧⎪= − ≤⎨⎪ − ≤⎩
 
Lee et al. (2003) 
*Aoki et al. (1978) recommend that the cs-values be multiplied by 0.7 for Franki piles and by 0.5 
for drilled shafts
3.4.2.6. Base Resistance in Clays 
The complexity of clayey soils makes it very difficult to provide design 
equations that could take into consideration the various states that clay could fall 
in.  The design methods presented in Table 3.8 provide general guidance on the 
calculation of base resistance based on the 10%-relative settlement criterion 
specifically for displacement piles.  It summarizes the most effective techniques 
that are used for assessing base resistance using CPT data.   
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Table 3.8 Summary of cb-values for calculating ultimate base resistance of 
different pile types 
Pile Type cb Reference  
Displacement piles 0.9 – 1.0* State of the art  
Driven piles 0.35 Price and Wardle (1982) 
Jacked piles 0.3 Price and Wardle (1982) 
*Applicable to soft and lightly OC clays 
3.4.2.7. Shaft Resistance in Clays 
Similar to base resistance in clays, the available design methods are 
empirical.  Table 3.9 presents general guidance on the CPT-based design 
methods that can be used.   
Table 3.9 Summary of cs-values for calculating limit shaft resistance of different 
pile types 
Pile Type cs Reference  
Displacement piles 0.017 for pure clay
0.011 for silty clay
0.0086 for silty clay with sand
0.0080 for sandy clay with silt
0.0069 for sandy clay
sc
⎧⎪⎪⎪= ⎨⎪⎪⎪⎩
 
Aoki and de Alencar 
Velloso (1975) * 
Non-displacement piles 0.012 for pure clay
0.011 for silty clay
0.010 for silty clay with sand
0.0087 for sandy clay with silt
0.0077 for sandy clay
sc
⎧⎪⎪⎪= ⎨⎪⎪⎪⎩
 
Lopes and Laprovitera 
(1988) 
*Aoki et al. (1978) recommend that the cs-values be multiplied by 0.7 for Franki piles and by 0.5 
for drilled shafts
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3.5. General Design Procedure 
The general design procedure for all types of piles using the soil property-
based or the direct design methods is summarized.  This is a simplified, easy-to-
follow guideline: 
a) Divide the soil profile into layers with similar soil properties and/or 
CPT or SPT values 
b) If possible, choose a bearing layer with high qc values. Piles 
should be embedded at least one diameter (1B) in the strong 
layer, and should have at least 1.5 times the diameter (1.5B) of 
the strong layer below the pile base 
c) Assign a base resistance factor, cb, to the bearing layer  
d) Find the net limit base resistance qbL using Eq. 3.17 by taking the 
average of qc values for the distance defined by 1B above and 
1.5B below the base location. Note that qc=qbL.   
e) Assign a shaft resistance factor cs for each soil layer along the 
shaft 
f) Find qsL using Eq. 3.18 and  for each layer, where B 
is the pile diameter and d is the depth of the layer.  The shaft 
resistance extends down to the base location. 
sLi sLiQ =πBq d
g) Find total shaft resistance QsL and the total base resistance 
Qb,10%. 
h) The ultimate pile resistance is Qult=QsL+Qb,10%   
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Following the WSD method, apply a factor of safety F.S. = 2.5 on the 
ultimate pile resistance to obtain the allowable load that should be used in 
design.   
all ultQ =Q /F.S.  Eq. 3.22 
For the LRFD method, the basic LRFD inequality is: 
( ) ( )n iiRF R LF Q≥ ∑  Eq. 3.23 
where RF is a resistance factor, Rn is the nominal design resistance, and (LF)i is 
a load factor for a particular load type Qi.   
In pile design, both base and shaft resistance contribute to the overall 
load-carrying capacity of the pile.  There are two possible approaches to 
implementing a limit state design check in LRFD: 
( )( ) ( )s b iRF R +R LF Q≥ ∑ i
ii
 Eq. 3.24 
or 
( ) ( ) ( )s bs bRF R + RF R LF Q≥ ∑  Eq. 3.25 
where Rs and Rb are the shaft and base resistances, respectively, and (RF)s and 
(RF)b are the shaft and base resistance factors, respectively.   
In reality, the shaft and base resistances are not independent since they 
both depend on many of the same soil properties.  However, in practice, these 
two resistances are computed separately and the predictive relationships for 
each are subject to very different uncertainties.  Consequently, the likelihood of 
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overestimating shaft resistance by a certain factor is very different from what it is 
for base resistance.  Therefore, it is more accurate to apply (RF)s and (RF)b as 
separate resistance factors, as in Eq. 3.25, since the uncertainties of shaft and 
base resistance estimates are so different.  Foye et al. (2006) show the details of 
how resistance factors were chosen for specific pile design methods in sands 
and give a detailed example of how the LRFD framework can be applied in 
practice.  The following tables can be used to select the proper resistance factors 
based on the chosen pile design method for open- and closed-ended pipe piles 
in sands.  Table 3.10 summarizes the resistance factors assessed for the design 
methods for open- and closed- ended pipe pile shaft and base capacity that can 
be used with either AASHTO or ASCE-7 load factors.  Table 3.10 also has an 
equivalent factor of safety, computed assuming an average load factor of 1.5.  
Also, Table 3.11 and Table 3.12 summarize the resistance factors for pile design 
using property-based design methods and SPT results, respectively.   
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Table 3.10 Summary of direct design methods of driven open-ended (OE) and 
closed-ended (CE) pipe piles in sand using results from the CPT*   
Design Method RF using 
ASCE-7 LFs 
RF using 
AASHTO LFs 
representative 
FS 
OE pipe shaft 
sL cq =0.002q  
0.41 0.45 3.7 
OE pipe base 
b,10%
c
q
= - 0.00443IFR(%)+0.557
q
 
0.54 0.59 2.8 
CE pipe shaft 
sL cq =0.005q  
0.41 0.45 3.7 
CE pipe base 
b,10%
R
c
q
=1.02-0.0051D (%)
q
 
0.54 0.59 2.6 
*Resistance Factors (RF) are given for use with ASCE-7 and AASHTO load factors.  FS indicates 
an approximate value of WSD safety factor corresponding to the resistance factors given.   
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Table 3.11 Summary of property-based design methods of driven open-ended 
(OE) and closed-ended (CE) pipe piles in sand*   
Design Method RF using 
ASCE-7 LFs 
RF using 
AASHTO LFs 
representative 
FS 
OE pipe shaft 
( )( 'ssL c 0 v
0
K
q = tan δ K σ
K
)  where  
( )s
0
†K =β 7.2-4.8PLR
K
 
0.47 0.50 3.7 
OE pipe base  
b,10%
'
hq =
IFR%326-295
100
α σ⎛ ⎞⎜ ⎟⎝ ⎠  
where  
( )R=0.0112D % -0.0141α  
0.42 0.45 3.5 
CE pipe shaft 
( )( 'ssL c 0 v
0
K
q = tan δ K σ
K
)  where  
2s
R R
0
=
K
0.0013D (%)-0.064D (%)+2.4
K
 
0.47 0.50 3.7 
CE pipe base 
( )b,10% R bLq = 1.02-0.0051D % q⎡ ⎤⎣ ⎦  
0.54 0.59 2.7 
*Resistance Factors (RF) are given for use with ASCE-7 and AASHTO load factors.  FS indicates 
an approximate value of WSD safety factor corresponding to the resistance factors given. 
† PLR is the plug length ratio (0 ≤  PLR ≤  1), defined as the ratio of plug length to pile 
penetration length.   
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Table 3.12 Summary of property-based design methods of driven open-ended 
(OE) and closed-ended (CE) pipe piles in sand using results from the SPT*   
Design Method RF using 
ASCE-7 LFs 
RF using 
AASHTO LFs 
representative 
FS 
OE pipe shaft 
( )( 'ssL c 0 v
0
K
q = tan δ K σ
K
)  where 
( )s
0
†K =β 7.2-4.8PLR
K
 
0.42 0.45 4.0 
OE pipe base  
b,10%
'
hq =
IFR%326-295
100
α σ⎛ ⎞⎜ ⎟⎝ ⎠  
where  
( )R=0.0112D % -0.0141α  
0.40 0.42 3.7 
CE pipe shaft 
( )( 'ssL c 0 v
0
K
q = tan δ K σ
K
)  where 
2s
R R
0
=
K
0.0013D (%)-0.064D (%)+2.4
K
 
0.45 0.47 3.7 
CE pipe base 
( )b,10% R bLq = 1.02-0.0051D % q⎡ ⎤⎣ ⎦
 
0.52 0.57 2.9 
*Resistance Factors (RF) are given for use with ASCE-7 and AASHTO load factors.  FS indicates 
an approximate value of WSD safety factor corresponding to the resistance factors given. 
† PLR is the plug length ratio (0 ≤  PLR ≤  1), defined as the ratio of plug length to pile 
penetration length.   
3.6. Conclusion 
This Chapter summarizes the most recent pile design methods developed 
for displacement and non-displacement piles using rigorous analytical solutions, 
finite element analysis, or experimental results.  The pile design process is 
discussed in detail and guidelines are given for a general design process.  The 
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load and resistance factor design framework is also discussed and resistance 
factors are presented for use in design.   
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CHAPTER 4. DYNAMIC ANALYSIS OF PILE DRIVING 
Dynamic analysis of pile driving is based either on empirical dynamic 
formulas or on wave equation analyses.  The purpose is to predict the permanent 
displacement, known as “the set”, of the pile, to estimate the total pile capacity 
during driving, and sometimes monitor the driving stresses and assess drivability 
conditions for a given hammer system.   
4.1. Dynamic Formulas 
The widely used dynamic formulas have been criticized in many 
publications.  Unsatisfactory prediction in pile capacity was documented in the 
recently published Manual for Design and Construction of Driven Pile 
Foundations (Hannigan et al. 1996).  New attempts to improve the dynamic 
formulas (Paikowsky and Chernauskas 1992, Paikowsky et al. 1994) were shown 
to still suffer from drawbacks, and probabilistic energy methods were developed 
as an alternative (Liang and Zhou 1997).  However, both attempts to advance the 
use of the dynamic formulas have produced results that do not match those 
obtained from static or dynamic load tests.   
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4.2. Review of the Wave Equation Analysis 
In the late 1950’s, E.A.L. Smith developed a simple numerical method to 
analyze the pile-driving mechanism without the use of complex mathematics and 
calculus.  Any vibratory system is described by an inertial mass to store the 
kinetic energy, an elastic spring to store the potential energy, and a dashpot to 
allow for energy loss in the system.  Based on this convention, Smith discretized 
the pile and hammer system (Figure 4.1) into a number of N elements with 
masses connected to each other by springs with stiffness Ki and dashpots with 
damping constants Ji.  Since the material damping of steel is very low, he 
assumes that Ji values are equal to zero.  Smith divided the time during which 
the wave generated by the hammer impact propagates along the pile into small 
time intervals and imposed a velocity at the pile top to start the wave 
propagation.  The response of each pile element (mass and spring) was 
calculated in each interval.  Different pile-cushion-hammer combinations could be 
selected to obtain maximum driving efficiency.  In addition to predicting 
permanent penetration, the Smith analysis is also capable of monitoring the 
driving stresses induced in the pile.   
The rheological model of the soil resistance at any depth along the pile 
was chosen as a spring and dashpot in parallel, as also seen in Figure 4.1.  This 
is the basic Winkler springs and dashpot model widely used in the dynamic 
analysis of structures.  In such an analysis, the pile and surrounding soil are 
flexible systems such that different points within the pile-soil system may move 
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differently from each other, in an out-of-phase motion.  This simple rheological 
model chosen by Smith allows the transmitted force to be divided into a static 
and dynamic component.  The spring idealizes the soil behavior as an elastic - 
perfectly plastic model with stiffness parameter Ksi.  The transmitted static force 
is directly proportional to the amount of elastic soil deformation and is limited by 
the limit static resistance of the soil RsLi.  The stiffness parameter Ksi is thus 
represented as the ratio of RsLi to the maximum elastic deformation, known as 
the quake, wq.  The dashpot represents the energy dissipated in the system 
through the viscous parameter Jsi.  The transmitted dynamic force is directly 
proportional to the rate of deformation in the soil.  Smith described the dynamic 
force as a function of the static force and defined a constant damping parameter 
Jsi for the shaft and base, respectively.  The equations for the static and dynamic 
resistances in the soil for each pile element are:   
si si iR =K w  Eq. 4.1 
and 
di si sLi iR =J R v  Eq. 4.2 
where Rsi is the static resistance, Rdi is the dynamic resistance, RsLi is the limit 
static resistance, wi is the pile deformation, and vi is the pile velocity with respect 
to the stationary soil.   
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Figure 4.1 Pile-hammer-soil system based on the original Smith model          
(Liang and Hussein 1993) 
Figure 4.2 shows what happens to a pile element along the shaft that is 
initially at rest once a static load is applied on it.  Figure 4.2 (a), (b), and (c) show 
how the pile and soil elements move together prior to slip.  When the maximum 
elastic deformation, wq, is reached the pile element starts to slip with respect to 
the soil element and plastic deformation, ws, starts to accumulate.  This 
continues until the loading cycle is complete and ws,max is reached.  Once the 
motion in the pile element is reversed and it starts displacing in the opposite 
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direction (upwards), the unloading cycle begins and the elastic deformation is 
regained.   
 
Figure 4.2 Pile element motion with respect to soil element during loading stage 
As Figure 4.3 (d) shows, it is not until wq is reached during unloading that 
the pile element starts to slip again with respect to the soil element, but now in 
the opposite direction.  This means that some of the relative slip between the pile 
and soil element may be reduced.  Note that the behavior of the pile base 
segment is different during unloading, when suction between the pile base and 
the soil would develop.  Any recovery of relative slip in this case would create a 
gap between the pile base and the soil underneath once the suction force is 
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overcome.  Such behavior is unrealistic in practical conditions and is prevented 
by properly choosing the driving conditions.  Numerically, when solving the wave 
equation, the stopping condition is set when evidence of rebound of the pile base 
starts to show or when the pile base element ceases to displace downward.   
 
Figure 4.3 Pile element motion with respect to soil element during unloading 
stage 
The load-deflection curves shown in Figure 4.2 and Figure 4.3 depict only 
the static behavior of a soil element.  During driving, both static and dynamic 
responses combine to create non-linear load-deflection curves due to the energy 
dissipation that goes through the soil continuum as a function of the rate of 
 
 60
deformation.  Although the idealized representation in the Smith model shows 
this non-linear behavior when the static and dynamic resistances are combined, 
this representation still lacks the incorporation of all energy dissipating 
mechanisms in the soil continuum.   
4.3. Finite Element Analysis 
The discussion until now has been limited to the one dimensional wave 
equation analysis based on the breakthrough made by Smith (1960).  Other 
techniques that have been used to analyze pile driving have mainly concentrated 
on the Finite Element Method (FEM).  FEM has some advantages over models 
based on the original Smith model.  The complete driving process is analyzed in 
this case as opposed to the empirical methods that are usually used to solve the 
wave equation when the pile is already in place.  In contrast with the one-
dimensional modeling of the pile and soil, the finite element techniques model the 
soil around the pile as a continuum by suitable discretization.  It allows 
continuous interpolation of the displacement, velocity and acceleration profiles 
throughout the pile length (Borja 1988).  In contrast with the Smith model, an 
analysis based on FEM allows the definition of the initial conditions based on a 
prescribed impact force versus time curve instead of a prescribed hammer 
velocity.  However, the major difficulty that FEM pile driving models have to 
overcome is the ability to account for the large deformations in the surrounding 
soil resulting from pile penetration.  When a pile is subjected to a single blow, a 
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small strain FEM model can be used to model the driving response when 
deformations become small enough, i.e., when the pile movement gets close to 
refusal.  On the other hand, finite element modeling of multiple blows requires the 
use of a large strain model because the mesh gets significantly deformed.  In an 
attempt to deal with this issue, small strain models have been used with 
algorithms for constant remeshing and stress updating.  The three formulations in 
finite element used to deal with deformation problems are: total Lagrangian (TL), 
updated Lagrangian (UL), and Eulerian formulations.   
The Lagrangian approaches can precisely track a moving boundary but 
are handicapped by large mesh distortions.  A Lagrangian formulation focuses on 
a region of material as time passes by, rather than a region of space that a 
material occupies.  The total Lagrangian approach is connected to a reference 
state of the material at time zero.  Large mesh distortions in such formulation are 
not suitable.  The updated Lagrangian approach is connected to a constantly 
changing reference state due to the changes in the geometry.  In this case, large 
mesh distortions could be handled but require constant remeshing.  On the other 
hand, the Eulerian approach can handle very large material distortions but is 
limited in its ability to track moving boundaries.  The focus in this method is on 
the response of a fixed region of space with time.  Another method known as the 
Arbitrary Lagrangian-Eulerian (ALE) formulation has been developed (Haber 
1984) to combine the virtues of the two approaches.  The next few paragraphs 
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describe the techniques that were used to model large deformation problems and 
how they can be applied to pile driving analysis.   
Hu and Randolph (1998) present a model which falls within the arbitrary 
Lagrangian-Eulerian approach.  It uses the conventional FEM small-strain 
analysis combined with a fully automated mesh generation and plane linear 
stress interpolation.  Stress interpolation of the Gauss integration points is 
necessary between the destination field (the new mesh) and the reference field 
(the old mesh) since the Eulerian concept is used.  This idea will be explained in 
more detail in the second approach presented by Liyanapathirana et al. (2000).  
The automated mesh generation technique ensures fast mesh generation since 
continuous remeshing is required.  Although this method was presented as a 
practical numerical approach to large deformation problems in soils, it was not 
strictly applied to model pile driving.  A paper by Lu et al. (2004) follows this 
procedure to model cone penetration in clay.  The cone penetration problem can 
be compared to a pile jacking problem since they are both pushed with a 
constant rate of penetration into the ground.  The same analysis could thus be 
potentially used to model pile jacking which is a specific type of pile driving.  The 
cone penetration problem has been extensively analyzed using the powerful 
cavity expansion theory (Salgado and Randolph 2001, Salgado et al. 1997).  
Thus, the results of the parametric study carried out in Lu et al. (2004) were 
compared to solutions of some cavity expansion methods.  They were also 
compared to the strain path method approach of Teh and Houlsby (1991).  It was 
 
 63
shown that the results from this study fell within the bounds of the results of the 
cavity expansion and strain path method.  
Liyanapathirana et al. (2000) present an “Eulerian-like” finite element 
technique to simulate the large accumulated displacements of open-ended piles 
subjected to multiple hammer blows.  It directly aims at simulating the pile driving 
operations.  Since this technique uses the basic concepts presented in the older 
paper by Hu and Randolph (1998) more details on the numerical procedure will 
be presented here.  The soil is modeled using 8-node rectangular elements as an 
elastic, perfectly plastic, von Mises material.  The pile is modeled using 3-node 
tube elements and the pile-soil interface is modeled using 6-node thin layer 
interface elements.  The solution procedure starts with time integration for a 
single hammer blow in a small strain FEM model.  At the end of the blow, the 
residual stresses are calculated for the deformed mesh at the Gauss integration 
points.  Using a polynomial approximation, a continuous stress distribution field is 
written in terms of the shape functions and the nodal stresses.  Thus the nodal 
stresses can be calculated from the stresses at the Gauss points.  In order to 
return to the fixed mesh and move to the next blow, the nodal stresses of the 
deformed shape are then mapped on to the fixed mesh by taking material flow 
into account.   
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Figure 4.4 Deformed and fixed positions of the mesh after a single hammer blow 
As can be seen from Figure 4.4, the nodal point ‘A’ of the fixed mesh is 
inside an element of the deformed mesh.  Its coordinates can be written in terms 
of the shape functions and the coordinates of the element enclosing the point.  
Since the shape functions Ni are a function of the normalized coordinates ξ and 
η, the (ξ,η) of point ‘A’ are found by iteratively solving Eq. 4.3 and Eq. 4.4.   
8
A i
i=1
x = N x∑ i
i
 
Eq. 4.3 
8
A i
i=1
y = N y∑  Eq. 4.4 
where (xA,yA) is known and (x,y) are the known coordinates of the nodes 
enclosing the element in the deformed mesh. 
The stress σΑ can then be found using the continuous stress distribution 
developed for the nodal stresses as follows: 
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8
A i
i=1
σ = N σ∑ i  Eq. 4.5 
where σi are the nodal stresses of the deformed element. 
Similarly, the stresses at the Gauss integration points of the fixed mesh 
are found.  These stresses become the initial stresses for the next blow.  After 
the first hammer blow, the material particles and the nodes of the fixed mesh are 
decoupled.  New positions for the material particles (x1,y1) are found by adding 
the nodal displacements (Δu,Δv) to the coordinates of the fixed mesh (x0,y0).  
Similarly, for consecutive blows, it is necessary to find out the element in the 
fixed mesh within which the coordinates of the material particle (x1,y1) lies.  Then 
using the shape functions and the displacements at the nodes, the new nodal 
displacements are calculated. 
At the end of each hammer blow, stiffness and mass matrices are 
recalculated by considering the new positions of the soil and pile.  The material 
volume remaining inside the mesh is calculated and the space outside this 
volume but within the fixed mesh is filled with soft material in order to avoid ill-
conditioning of the global matrices.  
This model was used to analyze open-ended piles under plugged, 
partially-plugged and unplugged conditions.  However, due to the fine mesh used 
to represent the stress-wave propagation and the pile accurately, the 
computation time was excessive.  Thus the analysis was done for short soil plugs 
 
 66
and short piles.  Also, to decrease the running time, driving analysis started after 
the pile was penetrated two element heights within the soil layer.   
This new technique has the advantage that it can be incorporated in a 
standard small-strain finite element analysis computer program.  However, the 
computational capabilities present a great challenge to its applicability in day-to-
day practice. 
Other models have been presented by Mabsout and Tassoulas (1994) 
and Mabsout et al. (1995) where they used axisymmetric finite-element 
discretization and a non-linear soil model based on the bounding-surface-
plasticity model described by (Kaliakin and Dafalias 1989).  To account for the 
large deformations, the researchers used an updated Lagrangian formulation.  
However, computational time was the basic limitation for such model to be 
implemented in practice.   
4.4. Meshless Simulation Techniques 
While the use of finite element modeling has been expanding in a variety 
of engineering fields due to its applicability to complex boundary shapes using 
unstructured meshes, it still faces difficulties in solving large deformation 
problems due to the induced large mesh distortions.  Mesh generation and 
remeshing is usually very difficult and time-consuming, especially when the 
geometry of the domain is very complex or the number of degrees of freedom is 
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large.  Meshless methods have been recently proposed (early 1980’s) in the 
fields of mechanical and aerospace engineering to address these difficulties.  
Meshless techniques, also called mesh-free, grid-free, or grid-less techniques, 
have been growing in popularity due to the versatility they present in modeling 
moving boundary problems, crack propagation problems, and large deformation 
problems such as metal forming/indentation.  In metal forming analysis, the tools 
such as a punch are assumed to be rigid, thus the deformation of the workpiece 
is only considered.  Compared to the pile driving analysis, the pile is assumed to 
be rigid and the deformation of the soil is assessed.  This is considered a first 
order approximation since during driving the pile also undergoes deformation due 
to the wave propagation.  In this context, it can be said that the pile jacking 
process is better compared to a large deformation metal forming/indentation 
simulation since jacking the pile would not cause too much deformation in the 
pile itself.  The literature survey on this topic revealed that there is an intriguing 
opportunity to address the driving simulation using these methods.   
Meshless methods are defined as those methods in which the 
approximation is constructed strictly in terms of nodes (Belytschko et al. 1996).  
Contrary to the finite element method which is well-defined, mesh-free methods 
can differ depending on the ways used to develop the shape functions of the 
approximating displacement field and on the numerical integration techniques 
used to solve the partial differential equations.   
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A short note is necessary at this stage to explain the differences between 
the formulations used to solve partial differential equations.  In solid mechanics, 
the partial differential equations of equilibrium are presented in indicial notations 
as: 
ij,j i iσ +b =ρu  Eq. 4.6 
where i,j=1,2,3, represent, respectively, x,y,and z coordinates, σij is the stress 
tensor, bi is the body force vector, ρ is the density of the body, and is the 
acceleration. 
iu
This is known as the strong form system.  Obtaining exact solutions for 
this system is ideal but not always possible in complex engineering problems.  
Some methods have been used to solve this strong form but usually suffer from 
stability or boundary condition problems.   
The weak form system is more widely used to construct a system of 
equations in mesh-free methods, using either variational methods or weighted 
residual methods.  There are different forms of variational methods, the most 
common of which is the Galerkin formulation for static problems and Hamilton’s 
principle for dynamic problems.  The weighted residual method is a more general 
and powerful tool that could also be used in developing mesh-free equations.  In 
order to be able to compare the finite element method with the mesh-free 
methods, an overview on the Galerkin weak form will only be presented. 
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The Galerkin weak form in F.E.M. and mesh-free methods is used to solve 
a given set of ordinary differential equations (ODEs) such as: 
L(u)+f(x)=0  Eq. 4.7 
where u is the set of dependent variables which are functions of the single 
independent variable x, f is a vector of specified load functions, and L is the 
operator on u.   
An exact solution for this set of ODEs should satisfy the above equation 
for every x.  If an approximate solution  is chosen, it introduces an error , 
called the residual defined as: 
u ζ(x)
ζ(x)=L(u)+f(x)  Eq. 4.8 
The Galerkin weak form then revolves around setting the residual equal to 
zero by solving the integral: 
φ(L(u)+f(x))dV=0∫   Eq. 4.9 
For the three dimensional analysis in solid mechanics, the Galerkin weak 
form is derived as: 
T T T T
iV V S
σ ε(φ)dV- φ fdV- φ TdS- φ P=0∑∫ ∫ ∫  Eq. 4.10 
where φ is an arbitrary displacement consistent with the specified boundary 
conditions of u.  
Of course, the complexity of this formulation increases when essential and 
natural boundary conditions are imposed.  Similar to the finite element methods, 
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the implementation of meshless methods has four major parts.  These will be 
discussed in the following paragraphs.   
4.4.1. Construction of Particle Shape Functions 
The construction of particle shape functions is the primary issue in 
meshless methods.  The domain is described by a set of N particles or nodes 
defined by }{
u
I I IX = x , y  where  and each node has a set of data values 
of the unknown function  given.  The shape functions are found by fitting a 
specified function form to these data points.  Liu (2003) presents a full description 
of the various methods used to create these shape functions.  The methods are 
divided into three categories: 
I=1,2,…,N
I
a) Finite integral representation methods, such as the smoothed 
particle hydrodynamics (SPH) method. 
b) Finite series representation methods, such as the moving least 
square (MLS) methods, point interpolation methods (PIM), and 
partition of unity methods (PUM). 
c) Finite differential representation methods, such as the finite 
difference method.   
Figure 4.5 shows these methods schematically.  Whichever method is 
used to construct the shape functions, it has to satisfy the requirements of 
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consistency and compatibility as defined by Liu (2003).  “Consistency is the 
capability of the field function approximation method to reproduce the fields of 
lowest orders of complete polynomials at any point in the problem domain.  If the 
method can reproduce polynomials of up to the kth order, the method is said to 
have kth-order consistency.  Compatibility refers to the continuity of the 
approximation on the boundaries between the subdomains, based on which the 
shape functions are constructed.”   
f 
x
f(x) 
x 
(a) Finite integral representation: 
2
1
x
x
ˆf(x)= f(ξ)W(x-ξ)dξ∫  
where Wˆ  is the weight or smoothing function 
f 
x
f(x) 
x 
(b) Finite series representation: 
0 1 1 2 2f(x)=α +α p (x)+α p (x)+… 
where ip (x) are polynomial functions 
f 
x
f(x) 
x 
(c) Finite differential representation: 
( ) ( )20 0 01f(x)=f(x )+f'(x ) x-a + f''(x ) x-a +…2!  
where derivatives of f(x) are used 
 
Figure 4.5 Methods of representing f(x) (after Liu 2003) 
The MLS method is the most widely used alternative for constructing the 
shape functions because it is both consistent and compatible.  It originated from 
the concept of the least-square approximation method which was used initially to 
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establish the fit.  Weighting functions were added to this approximation to 
emphasize the effect of distance from the nodes, thus establishing domains of 
influence for each node.  However, the weighting functions were referenced to a 
fixed location (0,0) for all the nodes.  This created overlap in the domains of 
influence and resulted in discontinuities in the approximating function.  A moving 
least square approximation was later adopted, which allowed a continuous and 
smooth surface for the interpolation between various points.  In MLS, the 
weighted least square approximation is established for every point at which the 
interpolation is evaluated (Shepard 1968, Lancaster and Salkauskas 1990).  The 
result is smooth weighting functions with smooth derivatives.  This eliminates the 
difficulties that would be faced in the integration of the Galerkin weak form.  A 
detailed explanation of the MLS approximation is provided now. 
We consider N nodes with data values  at Iu }{I I IX = x , y  where 
.  Assume the approximated function as: I=1,2,…,N
N
j j
j=1
uˆ(x)= p (x)α∑  Eq. 4.11 
where are linearly independent polynomials and are the parameters to be 
determined.   
jp (x) jα
The general equation for the weighted least square fit that should be 
minimized is: 
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( )[ ]N 2k k k k
k=1
1J(x)= w x-x u -p(x )α
2 ∑   
Eq. 4.12 
where ( )k kw x-x  is the weight function defined for every node k in the domain.   
Figure 4.6 illustrates the nodal domain of influence in 2-dimensional 
problems.  The solution for the MLS approximation gives: 
-1
jα=H (x)g(x)u  Eq. 4.13 
where  and g(x)=  in matrix notation, P is the matrix of the 
chosen polynomials p(x), and is: 
TH(x)=P w(Δx)P w(Δx)P
w(Δx)
⎤
j=1
uˆ(x)= N (x)u =p(x)H (x)g(x)u∑  
1 1
2 2
N N
w (x-x ) 0
0 w (x-x )
w(Δx)
0 w (x-x )
⎡⎢ ⎥⎢ ⎥= ⎢ ⎥⎢ ⎥⎢ ⎥⎣ ⎦
… …
… …
# # % #
" "
 
Eq. 4.14 
Finally the approximating function is defined as: 
N
-1
j j j  
Eq. 4.15 
 
Figure 4.6 The nodal domain of influence of point x (Ponthot and Belytschko 
1998) 
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This approximation allows a continuously translating or moving function 
that ensures a continuous interpolation throughout the domain (Figure 4.7).  Thus 
the shape functions are now defined for the whole domain.  A domain of 
influence is no longer needed.  The drawback of this approximation is that it 
rapidly deteriorates when N increases beyond the number of the terms in the 
polynomials p(x) (Zienkevicz and Taylor 2000).   
  u 
xxi 
ju ˆ( )ju x
ˆ( )u x
 
Figure 4.7 Schematic of the approximating function using the MLS approximation 
(after Liu 2003) 
4.4.2. Construction of Stiffness Matrix 
Once the shape functions are described, the Galerkin weak form is 
employed to develop the discretized system of equations.  As stated earlier, 
other methods could be used to develop these equations, however, this review 
will be limited to the Galerkin formulation because it is also used in F.E.M.   
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For a simple 2D problem, the equilibrium equation in the problem domain 
Ω is as shown in Eq. 4.7, where u is approximated by Eq. 4.11 using the 
methods discussed above.  The strains are defined as: 
N
j j
j=1
N N
j
j j
jj=1 j=1
ˆε(x)=Lu(x)=L p (x)α
0
x
p 0
0 α = B α
0 py
y x
⎡ ⎤∂⎢ ⎥∂⎢ ⎥ ⎡ ⎤⎢ ⎥∂= ⎢ ⎥⎢ ⎥∂ ⎣ ⎦⎢ ⎥⎢ ⎥∂ ∂⎢ ⎥∂ ∂⎢ ⎥⎣ ⎦
∑
∑ ∑ j
 
Eq. 4.16 
where  
,x
,y
,y ,x
j
j j
j j
p 0
  B = 0 p
p p
⎡ ⎤⎢ ⎥⎢ ⎥⎢ ⎥⎢ ⎥⎣ ⎦
The stresses are defined by: 
σ(x)=Dε(x)  Eq. 4.17 
where D is a symmetric matrix which defines the constitutive relationship 
between stresses and strains.   
The Galerkin weak form for the problem under static conditions becomes: 
( )T T T T
iV V S
Lu(x) Dε(φ)dV- φ fdV- φ TdS- φ P=0∑∫ ∫ ∫  Eq. 4.18 
The elemental stiffness matrix is obtained from the energy term 
 as: 
ijK
( )
V
Lu(x) Dε(φ)dV∫ T
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T
ij i j
V
K = B DB dV∫  Eq. 4.19 
The elemental body force and traction vectors are found in a similar way 
and are equal to: 
i i
V
f = p (x)fdV∫  Eq. 4.20 
and  
i i
S
T = p (x)TdS∫  Eq. 4.21 
Similar to F.E.M, the elemental stiffness matrix is symmetric, sparse and 
banded.  Since Kij, fi, and Ti are associated with nodal values, the global stiffness 
matrix and global force vector are assembled from the elemental values following 
the same assembly process as in F.E.M.  However, the main difficulty in 
meshless techniques lies in the process of evaluating the integrals of the 
elemental stiffness matrix and force vector.  Due to the lack of a grid structure, 
the integration becomes rather complex and laborious.  Unlike F.E.M. where the 
regions are simple tetrahedra, the integrals in meshless problems have to be 
evaluated numerically over regions of various forms.  This could become a 
laborious and very delicate process (Babuska et al. 2003).  Many numerical 
techniques have been introduced which distinguish the different meshless 
methods available.  In most methods, the basic concept of a background mesh or 
cell structure is used to perform the integration as shown in Figure 4.8 (Dolbow 
and Belytschko 1999).  The reason for using background integration cells is 
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because of the use of the weak form for developing the system of equations.  
However, some other methods attempt to create a truly meshless formulation by 
using the strong form such as the finite point method which is developed based 
on a finite differential representation presented in the previous section.  
Accordingly, there are many techniques that can be used and each depends on 
the conditions of the problem.   
 
Figure 4.8  Partitioning of a domain into a) background mesh b) background cell 
structure 
4.4.3. Solution of the Linear System of Equations 
The following step is relatively simple.  After assembling the global 
stiffness matrix and force vector, the linear system of equations is obtained as:   
KU=F  Eq. 4.22 
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where K is the global stiffness matrix, U is the global displacement vector of the 
nodes, and F is the global force vector which is the sum of the body forces, 
tractions, and point loads applied on the system.   
This linear system of equations can be solved easily using a direct solver 
based on the elimination method or penalty method.  In some cases with non-
linear problems, an iterative solver would be used.   
4.4.4. Error Estimation, Adaptivity, and Computation of Data 
In any numerical integration technique there is the need to reduce the 
errors after a solution is obtained.  This applied to both finite element methods 
and meshless methods.  However, it is necessary to clarify the objectives of the 
refinement and to specify the “permissible error magnitudes” (Zienkevicz and 
Taylor 2000).  It is important to note here that this step is specific for every 
integration increment.  In finite elements, the mesh would be refined using two 
techniques: a) h-adaptive where the size and location of the elements are 
changed and b) p-adaptive where the order of the approximating polynomial is 
changed.  A third approach combines the two and is called hp-adaptive where 
both the element size and polynomial order are changed.  In meshless methods 
the adaptivity and error estimation is not yet well developed.   
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4.5. Conclusion 
This literature review shows that the advances in modeling the dynamic 
pile-soil interaction have been available since the 1980’s, but their commercial 
implementation has been very slow.  Until now, there has not been any model 
that would replace the empirical parameters of the Smith model and provide a 
more rigorous method of analysis.  Various researchers who studied the wave 
equation method of analysis after Smith concluded that the method has the 
potential to become an accurate and general method if its limitations are 
addressed.  The finite element method requires expensive computation time 
even without taking into account the behavior of the soil as an elastic-plastic 
material.  Thus, it is time to develop an appropriate scientific model that 
describes the pile-soil interaction by an explicit, visco-elastic or visco-plastic 
model that would apply to any soil and pile conditions and whose parameters can 
be determined independently based on intrinsic soil properties.   
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CHAPTER 5. ASSESSMENT OF DYNAMIC SOIL MODELS 
The soil quake and damping constants proposed by Smith (1960) are non-
standard soil parameters that are determined from back-analyses of pile driving 
records and pile load tests.  This is the major drawback of the Smith model and 
shows the need for additional experimental work to isolate the parameters 
affecting the quake, base damping, and side damping.  Forehand and Reese 
(1964) state that correlation of many more driving records and load tests should 
be undertaken to evaluate these factors.  Empirical damping coefficients were 
later suggested for sands and clays based on laboratory impact tests on these 
soils (Coyle and Gibson, 1970, Litkouhi and Poskitt 1980, and Liang and Sheng 
1992), and attempts were made to correlate these constants to common soil 
properties.  However, the values of wq=2.54 mm, Jshaft=0.164 s/m, and 
Jbase=0.492 s/m proposed by Smith (1960) are still widely used for pile-driving 
analysis (Lee et al. 1988).   
This chapter discusses the empiricism in the widely used dynamic models 
for pile driving and presents the improved models that are found in the literature.  
The goal is to choose the best models for soil representation around the pile 
shaft and base that incorporate the nonlinear soil behavior and have the stiffness 
and damping parameters chosen based on rigorous analytical procedures.   
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5.1. Empiricism in Current Soil Models 
In geotechnical engineering, unless a parameter is fully grounded on the 
mechanics of the problem, it is empirical in nature and will not be of general 
applicability.  An empirical parameter cannot, for example, be independently 
measured in the laboratory and then used in the analysis of a problem in the 
field.  Typically, it is determined by back-analysis of the behavior of prototypes in 
the field.  This is the case for the Smith damping parameter as well as many 
other damping parameters developed during the past few decades.  One of the 
commonly used damping constants since Smith is the popular Case damping 
factor jc developed by researchers at Case Western Reserve University (Goble et 
al. 1980).  Both of these parameters are expressed in a way that prevents them 
from being derived from soil properties.  Based on the Smith model, the total soil 
resistance is: 
i si i sR K w C v= + i
i
 Eq. 5.1 
Smith suggested that viscous damping has to be related to the effects of 
pile size and shape.  He defined it as: 
s s sC J R=  Eq. 5.2 
where   
si si iR K w=  Eq. 5.3 
As the velocity of deformation approaches zero in Eq. 5.1, the total soil 
resistance approaches the static value.  Smith clearly assumed a value of Js for 
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use in his model until such time when new factors are developed.  Smith (1960) 
states: “At the present time (1960), by using the conceptions of the wave 
equation and resorting to numerical integration and electronic computers, a 
solution of the pile driving problem can be obtained that produces mathematical 
accuracy within about 5%.  This degree of accuracy is more than sufficient in 
view of our present imperfect knowledge of the physical conditions involved.”   
The dynamic resistance force for the Case model is expressed as: 
di c iR j Z= v  Eq. 5.4 
where Z is defined as the pile impedance with units of [F][T]/[L]. 
EAZ
c
=  Eq. 5.5 
where E is the pile Young’s modulus, A is the pile area, and c is the wave speed. 
This clearly shows that jc in Eq. 5.4 is a dimensionless number and thus 
not related to soil properties.  The definitions of the Smith and Case damping 
parameters are inconsistent with the requirement postulated by Liang and Sheng 
(1992) and Randolph and Deeks (1992) that the damping parameter in the 
dynamic analysis of pile driving has to be defined in terms of soil properties and 
pile diameter.  Chow et al. (1987) state that the Smith damping parameter Js is 
purely empirical.  They make the same point about Case damping.  Specifically 
with respect to Case damping, Chow et al. (1987) state that jc is not a soil 
property, as different values of it are typically needed to model different piles 
driven in the same soil.  Simons and Randolph (1985) note that experience in 
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offshore piling has exposed these limitations as well.  More details on the 
empirical nature of both Smith and Case damping parameters are explored next. 
Discretization:  A pile is a continuous solid, a system with infinite degrees 
of freedom.  When it is discretized for wave equation analysis as a number of 
masses connected by springs, that aspect of it is lost.  Some of that deviation 
from real behavior is made up for by an unconscious adjustment in the damping 
parameters.  This is not a problem with the Case Method, where the pile is 
treated as a slender cylinder.  However, the shaft resistance (both static and 
dynamic), which exists continuously along the pile, is assumed applied at a 
number of points along the pile both in the wave equation analysis and the Case 
method.  This, as well as the inability of the soil model to account for inertial 
effects of the soil itself, produces further discrepancies between the real problem 
and the model used for it.  This, again, has been accounted for by “adjustments” 
in the damping parameters.
Strain and strain rate dependency of soil damping:  In soils, the damping 
parameter depends on the strain (Seed and Idriss 1970) as well as on the rate of 
loading (Sitar and Salgado 1994).  The Smith and Case damping parameters do 
not reflect either.  The experimental data of Reeves et al. (1967) on sands 
subjected to impact loading showed that the Smith damping constant, J , is 
actually a variable for saturated sand.  Therefore, the existing constants are a 
significant deviation from the real problem that is being modeled.
s
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Radiation damping:  A significant amount of energy is lost in pile driving by 
radiation, or the generation of waves that travel away from the pile through the 
soil mass.  Also in this case, the Smith and Case damping parameters do not 
account explicitly for energy loss by radiation.  Consequently, their values must 
indirectly and artificially reflect this loss of energy, which has an impact on the 
static capacities, as recognized by Nguyen et al. (1988) and Likins et al. (1992), 
among others.  
5.2. Improved Linear Soil Models  
Attempts have been made since the Smith model was first proposed to 
relate the stiffness and damping parameters solely to intrinsic soil properties.  
The works of Novak et al. (1978), Simons and Randolph (1985), Deeks and 
Randolph (1995), and Michaelides et al. (1997) are of particular interest since 
they follow an analytical framework to derive the parameters.  The goal is to 
differentiate the terms included in the global and empirical Smith damping factor, 
J, and to derive the expressions based on standard geotechnical soil properties.  
Figure 5.1 illustrates all types of damping effects created during pile driving.  In 
the following sections, a short presentation of the available soil models along the 
pile shaft and at the pile base will be discussed.  All of these models are 
generally characterized by a displacement-dependent term, modeled by a spring 
element, and a velocity-dependent term representing the damping in the soil, 
modeled by a dashpot element.   
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Figure 5.1 Damping effects during pile driving (after Balthaus and Kielbassa 
1986) 
Each model describes the pile-soil interaction in a slightly different way, as 
will be explained hereafter.  Although these models are superior to the original 
Smith model, their implementation in the dynamic analysis of pile driving has 
been very limited.   
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5.2.1. Pile Shaft Model 
5.2.1.1. Novak et al. Model 
Novak et al. (1978) derive expressions for frequency-dependent stiffness 
and damping for an infinitely long, rigid, and massless rod fully embedded in a 
visco-elastic continuum under harmonic vibrations.  This solution is exact for the 
discretized pile shaft elements under the assumption of plane-strain conditions 
and no separation between the pile and the soil.  It is based on the work of 
Baranov (1967) for harmonic vertical vibrations.  The expression of the complex 
vertical stiffness of the soil per unit length of the pile is: 
( )
( )
*
1 o* *
o *
0 o
K a
k 2 G a
K a
ω = π  
Eq. 5.6 
where  is the complex shear modulus,  is the complex dimensionless 
frequency,  and 
*G *oa
( *0 oK a ) ( )*1 oK a are the modified Bessel functions of orders zero 
and one, respectively.  Note that the subscript ω denotes that the complex 
stiffness is frequency-dependent and that the effects of viscous and radiation 
damping are lumped in one expression.   
The equations for the parameters in Eq. 5.6 are:   
( )*G G 1 i2= + ξ  Eq. 5.7 
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* 0
0
a ia =
1+i2ξ  
Eq. 5.8 
0
0
s
ωra =
V
 Eq. 5.9 
where Vs is the soil shear wave velocity, equal to G ρ  , r0 is the pile radius, ξ is 
the soil material damping ratio (assumed to be frequency-independent), ω is the 
circular frequency, and 1i = − .  The material damping ratio ξ ranges from 0.025 
to 0.075 for most soils.   
Eq. 5.6  can be transformed to complex form: 
( ) ( )1 o 2 ok G S a , iS a ,ω ω ω⎡ ⎤= ξ + ξ⎣ ⎦  Eq. 5.10 
where G, ao, and Sω1,2 are real.  Sω1 represents the real stiffness of the elasto-
plastic spring and Sω2  represents the effect of damping on stiffness.   
Figure 5.2 shows the variations of Sω1 and Sω2 with the dimensionless 
frequency ao and hysteretic damping ξ.  The real part Sω1 is almost constant for 
ao>0.5 and Sω2 increases monotonically with ao.  The main disadvantage of this 
approach is that it has been established for small strain conditions where the 
shear modulus of the soil is considered non-degraded.  However, pile driving 
generates large displacements, large stresses, and plastic deformation.  The soil 
shear modulus undergoes reduction under these conditions and this must be 
reflected in the stiffness and damping parameters of the soil model.  The models 
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that have been developed to allow for the radial non-homogeneity in the soil will 
be described in the SECTION 5.3.   
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Figure 5.2 Stiffness and Damping Parameters Sω1 and Sω2 (Novak et al. 1978) 
5.2.1.2. Simons and Randolph Model 
The Novak et al. (1978) model is the basis for the soil model along the pile 
shaft that was developed by Simons and Randolph (1985).  Simons and 
Randolph allow for the separation of the viscous and radiation damping effects in 
order to properly differentiate between the conditions prior to pile-soil slip and 
after the slip.  The pile-soil interface is modeled by a plastic slider and a viscous 
dashpot, and the far-field soil is modeled by an elastic spring in parallel with a 
radiation dashpot, as shown in Figure 5.3.  The viscous parameter indicates the 
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gain in soil strength under fast loading rates.  The plastic slider represents the 
ultimate shaft resistance under dynamic loading conditions.  The dynamic 
stiffness of the elastic spring in the far-field soil reflects both the amount of 
resistance to displacement (stiffness) and to change in velocity (inertia) of the soil 
along the shaft, due to the applied loading.  The radiation dashpot reflects the 
energy carried by waves spreading away from the pile (radiation damping) and 
the energy dissipated in the soil due to the hysteretic action (material damping).   
The dynamic resistance ( dR ) is a function of the shear wave velocity and 
the displacement and velocity of the soil: 
( )d l
s
w vR G + πdL R
d V
⎛ ⎞≈ ≤⎜ ⎟⎝ ⎠ im
 
Eq. 5.11 
where w and v are the absolute values of displacement and velocity of the soil 
immediately adjacent to the pile-soil interface, rather than the displacement and 
velocity of the pile itself (Randolph 2003), d is the pile diameter, and L is the 
length of the shaft segment.   
It is clear from this equation that the authors simplified the expressions of 
Novak et al. (1978) to eliminate the dependency on frequency of the stiffness and 
damping parameters.  The stiffness term is the ratio of shear modulus to pile 
diameter (G/d) and the damping term is the ratio of shear modulus to shear 
velocity (G/Vs).   
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Figure 5.3 Improved soil model for the pile shaft (Simons and Randolph 1985) 
The limit shaft resistance at the interface depends on the slip velocity at 
the pile-soil interface, as shown below:   
n
lim static
o
ΔvR =R 1+m
v
⎡ ⎤⎛ ⎞⎢ ⎥⎜ ⎟⎢ ⎥⎝ ⎠⎣ ⎦
 
Eq. 5.12 
where m and n are viscous parameters and vΔ  is the slip velocity between the 
pile and the soil normalized by , which is taken for convenience as 1m/s 
(Randolph 2003).   
ov
This equation is based on the experimental results of Coyle and Gibson 
(1970) and Litkouhi and Poskitt (1980), who conducted experiments on a wide 
range of test materials and loading rates.  To simulate dynamic and driving 
conditions, the equipments used for the experiments were of special nature.  
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Coyle and Gibson (1970) used modified triaxial devices with a dynamic loading 
apparatus and Litkouhi and Poskitt (1980) did their experiments on small model 
piles to assess the viscous damping along the shaft and base.  Loading rates 
varied from slow (consolidation) rates to fast (pile driving) rates.  Eq. 5.12 takes 
the form of a power law, which is convenient for fitting experimental data 
because it facilitates the analytical work.  It was necessary to establish such a 
form for the soil resistance equation because experimental results showed that 
the dependency of damping on velocity of soil deformation is highly non-linear.  
One particular aspect to note is that this law is empirical by nature; however, the 
constants m and n are derived from test results.  In consolidation tests (slow 
loading rates), the pore pressures were closely monitored and the effect of 
viscous damping was clear and could validate the power law.  The law is 
assumed to apply to fast loading rates although experiments conducted under 
fast loading rates did not have the ability to filter the effects of pore pressure 
increase from the effect of viscous damping.  Until experiments are conducted 
under fast loading rates in a way that the effects of pore pressure increase are 
separated from those of viscosity, we are obliged to make this assumption in the 
analysis of pile driving.  The experiment results by Litkhoui and Poskitt (1980) 
suggest that the exponent n typically ranges between 0.2 and 0.5, and m is 0.3 to 
0.5 for sand, and 2 or 3 for clays.   
Although Simons and Randolph (1985) define the limit shaft resistance as 
related to the slip velocity at the interface, this is not exactly the definition of the 
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velocity used by Coyle and Gibson (1970) and Litkouhi and Poskitt (1980), who 
define the dynamic resistance as related to a power value of the velocity of 
deformation of the soil itself.  The literature is not clear as to what velocity is 
actually the correct value to consider.  Simons and Randolph (1985) attempted to 
look at the shear band formed between the pile and soil during driving, but the 
limitations of the spring and dashpot models prevented them from properly 
defining the value of velocity at every point in the soil.  Their choice of slip 
velocity is clearly an approximation.  In order to properly understand the behavior 
of the soil continuum during pile driving, it is necessary to define the radial 
variation of soil displacement and velocity.  This can only be accomplished once 
a non-linear continuum soil model is introduced to the pile driving analysis. 
5.2.2. Pile Base Model 
5.2.2.1. Lysmer’s Model 
The response of the pile base during pile driving analysis is often 
approximated by the same model used for a footing on a semi-infinite half-space.  
Lysmer and Richart (1966) were the first to model the dynamic response of a 
footing to vertical loading in an elastic half-space.  Inelastic behavior was 
accounted for by the addition of a plastic slider with a slip load equal to the limit 
failure load of the pile base.  The model developed by Lysmer and Richart (1966) 
was known as Lysmer’s analogue and was mainly developed for low frequency 
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of vibration and soils with Poisson’s ratio of 1/3.  These conditions are not strictly 
applicable to pile driving situations.  Pile driving often induces higher frequencies 
in the soil, and, due to the short time spans, the loaded soils respond under 
undrained conditions.  Therefore, the Poisson’s ratio of soils during pile driving is 
closer to 1/2, which reflects the undrained conditions.  The equations of the 
spring stiffness and dashpot parameters obtained from Lysmer and Richart 
(1966) are: 
b
2GdK =
1-ν
 
Eq. 5.13 
and 
2
b
0.85dC = Gρ
1-ν
 
Eq. 5.14 
Lysmer and Richart suggested that this model be used with all values of 
Poisson’s ratios because the variation is small, thus this model has been widely 
used in rational pile driving models.   
In addition to Lysmer’s analogue, many other researchers attempted to 
derive analytical solutions for foundations under vertical vibrations (Bycroft 1954).  
Again, the most significant shortcoming of these models is that they are derived 
for a low frequency range, seldom close to pile driving conditions.  Other 
mechanical models of dynamic footing response have been developed including 
Velestos and Verbic (1974), Wolf (1988), and De Barros and Luco (1990).  With 
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the appropriate choice of parameters, all these models can be made to fit any 
data. 
5.2.2.2. Deeks and Randolph Model 
The latest model is defined by Deeks and Randolph (1995) for the pile 
base, which incorporates the plastic slider to account for inelasticity and an 
additional mass that takes into account the inertia of the soil moving under the 
base (Figure 5.4).  This mechanical analogue models the response of a rigid 
circular footing on an ideal elasto-plastic half-space to transient loads in a similar 
way to Lysmer and Richart (1966).  The inelastic response is studied using finite 
element analysis and the mechanical analogue is modified to properly represent 
the resulting inelastic behavior.  The stiffness and damping parameters remain 
the same as those derived by Lysmer and Richart (1966) shown in Eq. 5.13 and 
Eq. 5.14, respectively.  The additional mass element depends on the pile 
diameter, bulk density, and Poisson’s ratio, as given below:   
3
0
0.08dm = ρ
1-ν
 
Eq. 5.15 
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Figure 5.4 Improved soil model for the pile base (Deeks and Randolph 1995) 
5.3. Improved Non-Linear Soil Models 
In order not to over-estimate the radiation damping because of the large 
plastic deformation that occurs around the pile, which results in reducing the 
effective soil shear modulus, it is necessary to properly account for the non-linear 
soil behavior.  Models until now have assumed that the soil continuum is radially 
homogeneous, which is not realistic for pile driving because of the large plastic 
deformation that results in large amplitude of the induced shear strains at the 
interface.  This large value of shear strain in the vicinity of the pile results in a 
reduction of the secant shear modulus to a value lower than the free field value.  
The free field value is also known as the maximum shear modulus Gmax.  Non-
linear models are essential to incorporate this radial non-homogeneity in the 
analysis.  Shaft models are relatively more developed than the base models 
simply due to the fact that pile shaft analysis is done assuming plane-strain 
conditions.  This basic assumption allows the study of a vibrating pile exclusively 
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generating shear waves (SV) propagating radially outwards in the horizontal 
plane.  Radial displacements can be neglected and the soil can be considered to 
deform axisymmetrically, in pure shear only.  The dynamic analysis of the pile 
base is more complex because one cannot just assume that waves will 
propagate in a single direction below the base.  This leads to further 
complications in the modeling of the half-space below the pile base, so non-
linearity of the soil is not easily introduced.   
5.3.1. Pile Shaft Model 
5.3.1.1. Mitwally and Novak Model 
Mitwally and Novak (1988) were the first to account for non-linearity by 
adding a weakened zone, of thickness tm, close to the pile interface and using a 
lower value of soil shear modulus (Gm) in that zone during the analysis (Figure 
5.5).  This weakened zone was assumed massless in order to eliminate spurious 
wave reflections from the boundary between the weakened and outer zones.  Of 
course this is a fictitious boundary and not a true physical one.   
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Figure 5.5 Details of non-linear soil model by Mitwally and Novak (1988) 
This work mainly concentrated on including non-linear analysis along the 
pile shaft.  The new soil parameters were derived in Novak and Sheta (1982).  
The complex vertical stiffness expression is: 
( )
( )
*
m
*
m
0*
0
1
2πGk =
G K sb
Gr-ln +
b sbK sb
ω ⎛ ⎞⎜ ⎟⎛ ⎞ ⎝ ⎠⎜ ⎟⎝ ⎠
 
Eq. 5.16 
where 
s
iωs=
V 1+i2ξ , ro is the pile radius, and b is the weakened zone radius. 
Figure 5.6 shows the variation in the stiffness and damping parameters 
between a homogeneous and a non-homogeneous model.  At low frequencies, 
the stiffness of the non-homogeneous model is less than that of the 
homogeneous model, but is larger at higher frequencies.  On the other hand, the 
damping of the non-homogeneous model is much less than that of the 
homogeneous model and it reduces further at higher frequencies.   
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Figure 5.6 Stiffness and damping parameters for homogeneous and non-
homogeneous media (Mitwally and Novak 1988) 
Another important factor in this model is the additional degree of freedom 
at each pile segment to represent the soil motion adjacent to the pile shaft.  This 
allows the soil and pile motions to be traced independently.  Initially, both 
motions are equal until slippage occurs and the total soil resistance exceeds the 
ultimate shaft resistance.  Slippage and plastic deformation are confined to the 
interface zone.  During slip, the soil resistance is constant and the spring and 
dashpot representing the soil reactions behave elastically at all times.   
5.3.1.2. Michealides et al. Model 
The most detailed analysis of soil non-linearity during pile vibration is 
presented in the papers of Michaelides et al. (1997) and Michaelides et al. 
(1998).  In their research, the authors show that the radial variation of the secant 
shear modulus (G) and hysteretic damping ( ) is most rapid in the vicinity of the ξ
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pile, within a distance of two to four pile radii.  At larger distances, the values of G 
and  increase asymptotically to the free field values, Gξ
γ
max and ξ .  The 
authors use the experimental test results of Vucetic and Dobry (1991) to relate 
the secant shear modulus and the hysteretic damping of the soil to the shear 
strain amplitude ( ) and the plasticity of the soil (Plasticity Index PI).  They 
develop frequency-dependent stiffness and damping parameters that reflect the 
soil non-linearity.  
max
Figure 5.7 defines the basic terms used in the mechanism of 
the problem considered and shows how the radial variation of the shear modulus 
and hysteretic damping are considered.   
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Figure 5.7 Effects of soil nonlinearity: (a) problem definition; (b) radial variation 
definitions of shear modulus and hysteretic damping (Michaelides et al. 1998) 
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The problem is simplified into an axially vibrating cylindrical pile element 
which only generates shear waves propagating laterally under axisymmetric 
conditions.  The effect of slippage at the pile-soil interface is modeled by a rigid 
plastic slider with a yield load equal to the unit skin friction.  Sliding occurs once 
the static plus dynamic shear stresses applied at the interface exceed the skin 
friction.  The differential equation of motion is derived from the wave equation in 
cylindrical coordinates as follows:  
2
2
2 2
2 2
where 
d w dG G dw d w G + + ρ
dr dr r dr dt
w
r r t
wG
r
τ τ ρ
τ
∂ ∂+ =∂ ∂
∂= ∂
⎛ ⎞ ⎛ ⎞⇒ =⎜ ⎟ ⎜ ⎟⎝ ⎠⎝ ⎠
 
Eq. 5.17 
where w=w(r) is the vertical displacement, ρ is the bulk mass density of the soil, 
and G=G(r) is the shear modulus of the soil.   
The non-linear variation of shear modulus is expressed in the following 
general form: 
( ) ( )0.72max maxG G =1- BγG G exp -PI λ  Eq. 5.18 
where PI is the plasticity index expressed in %, and B and  are curve-fitted 
coefficients to the experimental data given by:   
λ
( )'o
2200      for Vucetic and Dobry (1991)
B=
600        for Ishibashi and Zhang (1993) average for σ =50-400kPa
⎧⎪⎨⎪⎩
 
Eq. 5.19 
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and 
( )'o
21.5+0.25PI      for Vucetic and Dobry (1991)
λ=
125                      for Ishibashi and Zhang (1993) independent of σ
⎧⎪⎨⎪⎩
 
Eq. 5.20 
Similarly, the radial variation of the hysteretic damping  is defined by a 
relationship between , PI, and G/G
( )ξ r
( )ξ r max.   
( ) ( ) 2
max
Gξ r =0.3g PI 1-0.77 G
⎡ ⎤⎛ ⎞⎜ ⎟⎢ ⎥⎝ ⎠⎣ ⎦  
Eq. 5.21 
where  
( ) ( )g PI =0.60+0.40exp -0.025 PI⎡ ⎤⎣ ⎦  Eq. 5.22 
A rigorous solution for Eq. 5.17, using the non-linear complex shear 
modulus G*(r), cannot be found unless the equation of G*(r) is simplified.  
Michaelides et al. (1998) redefined the complex shear modulus using power 
functions that approximate the non-linear behavior as shown in Figure 5.8.  The 
soil surrounding the pile was divided into four zones, defined by their inner 
bounds at radii ro=R, r1=2R, r2=6R, and r3=30R.  The curve-fitting equation of the 
complex shear modulus is: 
( ) ( ) ( ){ }( ) nm* n n
n
rG r =G r 1+2iξ r r  
Eq. 5.23 
where n=0,1,2,3,  defined by ( )nξ r Eq. 5.21, and 
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( ) ( ) { } ( )
( )
n+1 n+1
nnn
G r rlog log                  n=0,1,2rG rm =
0.0                                                                n=3
⎧ ⎧ ⎫⎨ ⎬⎪ ⎩ ⎭⎨⎪⎩
 
Eq. 5.24 
 
Figure 5.8 Example of fitting power function for analytical solution of soil 
impedance (after Michaelides et al. 1998) 
The details of the general solution of Eq. 5.17 are discussed in Gazetas 
and Dobry (1984) and Veletsos and Dotson (1986).  From that solution, we are 
interested in the impedance of the soil slice per unit length around the pile.  This 
can be simplified to the usual known form: 
z
Λ
Λ Λ
Λ=0.8
 Eq. 5.25 z zI = K +iωC
In order to account for nonlinearity, Michaelides et al. (1998) defined a 
loading intensity parameter  that controls this behavior.  The values of Kz and 
Cz are then defined to vary with , PI, and ao.  The maximum values of  to 
which this analysis has been tested reached at most the .  Approximate 
closed-form relationships were proposed by Michaelides et al. (1998) to define Kz 
and Cz in terms of these parameters as follows:   
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( )-1 1.50z z.l o0.60ΛK K = 1+1.20Λ 1- a1-Λ
⎡ ⎤⎛ ⎞⎜ ⎟⎢ ⎥⎝ ⎠⎣ ⎦  
Eq. 5.26 
and 
( )z z,l oC C =1-0.84Λ 1+0.66log a⎡ ⎤⎣ ⎦  Eq. 5.27 
where 
( ) ( )maxΛ= B τ G exp -1.39PI λ  Eq. 5.28 
Kz,l and Cz,l are the impedance parameters for linear analysis ( )Λ=0  and 
are expressed in closed form, according to Makris and Gazetas (1993), as: 
( )z.l maxK = 1.8G 1 0.5 oa+  Eq. 5.29 
and 
-1/4
z,l o max 0 z,lC = 1.2a πdρV +2ξ K ω  Eq. 5.30 
Note that  is the free field value of .   ( )0ξ =0.016g PI ξ
The rigorous analytical solutions derived in this model for the radial 
variation of soil properties and the corresponding dynamic soil impedance are 
used to compute the dynamic axial response of single piles embedded in non-
linear soil.  The authors use the derived expressions to study the harmonic 
steady-state oscillation of a pile.   
In the context of one-dimensional wave equation analysis, the nonlinear 
impedance function for the steady-state solution can also be used as an 
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approximation to replace the existing linear impedance function for impact 
loading.  As a result of non-linearity, the solution of the wave equation becomes 
implicit as the stiffness and damping parameters depend on the loading intensity 
parameter.   
5.3.2. Pile Base Model 
5.3.2.1. El-Naggar and Novak Model 
Very few attempts have been made over the last couple of decades to 
introduce non-linearity in the soil model below the pile base.  El-Naggar and 
Novak (1994) present a method that is based on Lysmer and Richart (1966) but 
replaces the homogeneous elastic half-space by two regions (Figure 5.9).   
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Figure 5.9 Pile base model according to El-Naggar and Novak (1994) 
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Similar to the shaft model of Mitwally and Novak (1988), the layer with 
thickness H, is divided into an inner region with the same diameter as the pile 
base and an outer region.  The inner region confines the non-linear soil behavior 
and the outer region results in the plane strain reactions that are applied at the 
interface.  This soil layer is underlain by the elastic half-space which has the 
same properties as Lysmer’s analogue.  This model was not developed any 
further to obtain the dynamic impedance parameters for a rheological system that 
can be used in the wave equation analysis.   
5.3.2.2. Holeyman Model 
Another model was introduced by Holeyman (1988) which replaces the 
elastic half-space by a solid of finite length, such that it has the same mass 
density as the soil medium resting on the spring-dashpot model of Lysmer’s 
analog.  This resulted in a truncated cone with a modulus of elasticity Ev and 
radius r(z), as a function of depth, as shown in Figure 5.10.   
( )v 2
GE =
0.85× 1-ν
 Eq. 5.31 
and 
z
1-νr =R+ z
0.85
 
Eq. 5.32 
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Figure 5.10 Pile base model according to Holeyman (1985) 
The vertical extent of this cone is set to an arbitrary value H, with the only 
condition that the base rests on a single-degree of freedom system as the one 
described by Lysmer and Richart (1966), with r = rH.  This is clearly a purely 
empirical and lacks the rigorous solution for the dynamic impedance function at 
the pile base.   
5.4. Conclusion 
This chapter presented a review of the existing soil models that can be 
used in the one-dimensional wave equation analysis of pile driving.  The 
implementation of these models in the wave equation analysis has been very 
limited.  The empiricism in the widely used Smith model is highlighted.  Many 
improved linear soil models attempt to overcome this empiricism by defining the 
stiffness and damping parameters in terms of intrinsic soil properties.  The 
nonlinear models are superior to the linear ones because they account for the 
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degradation of shear modulus due to the large deformations along the pile shaft 
during impact loading.  The impedance parameters for the nonlinear soil model 
along the pile shaft presented in Michaelides et al. (1998) for steady-state 
conditions can be used as an approximate solution for the impedance 
parameters for impact loading.  The nonlinear soil models at the pile base are still 
empirical and a solution for base response under impact loading in a nonlinear 
medium is not available.   
The need to replace the existing soil models around the pile shaft and at 
the pile base of Smith (1960) by nonlinear models is crucial in order to eliminate 
the use of the empirically chosen quake and damping values that are still 
commonly used.  CHAPTER 6 presents the proposed models that account for 
the nonlinear soil behavior and describe the stiffness and damping parameters in 
terms of intrinsic soil properties.   
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CHAPTER 6. PROPOSED MODEL FOR PILE DRIVING ANALYSIS 
This Chapter presents the proposed models for the pile shaft and base 
and the numerical analysis algorithm that was developed to study pile driving 
situations using the one-dimensional wave equation.  Pile and soil displacements 
at the interface are evaluated in the time domain using the Newmark method 
for direct time integration of the resulting equation of motion.   
β
6.1. Proposed Model 
The proposed model used in the one-dimensional wave equation analysis 
presented in this research is required to satisfy the following criteria: 
a) The spring and dashpot elements should be able to capture the 
nonlinear soil behavior during dynamic loading along the pile shaft 
and nonlinear hysteretic soil behavior and radiation damping at 
the pile base. 
b) The stiffness and damping parameters should be defined based 
on intrinsic soil properties, namely maximum shear modulus Gmax, 
soil density ρ , and Poisson’s ratio ν . 
 
 109
c) The use of the empirical quake and empirical damping constants 
should be eliminated from the analysis. 
6.1.1. Soil Model along Pile Shaft 
Based on the soil models presented in CHAPTER 5, the representation for 
the soil behavior given by Simons and Randolph (1985) in Figure 5.3 is selected 
for the proposed model along the pile shaft as shown in Figure 6.1.   
Pile / soil Interface
Radial 
Response
Plastic 
Slider
Viscous 
Dashpot
Radiation and 
Hysteretic 
Dashpot
Equivalent 
Spring
Pile Node
 
Figure 6.1 Proposed soil model along pile shaft 
This representation properly separates the effects of viscous and radiation 
damping along the pile shaft.  The limit shaft resistance at the pile-soil interface is 
defined according to Eq. 5.12.  The linear spring is replaced by an equivalent 
linear spring whose parameter is defined by Eq. 5.26.  The radiation dashpot is 
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replaced by a radiation and hysteretic dashpot whose parameter is defined by 
Eq. 5.27.  These equations are repeated below for easy reference.   
n
lim static
o
ΔvR =R 1+m
v
⎡ ⎤⎛ ⎞⎢ ⎥⎜ ⎟⎢ ⎥⎝ ⎠⎣ ⎦
 
Eq. 5.12
( )-1 1.50z z.l o0.60ΛK K = 1+1.20Λ 1- a1-Λ
⎡ ⎤⎛ ⎞⎜ ⎟⎢ ⎥⎝ ⎠⎣ ⎦  
Eq. 5.26
( )z z,l oC C =1-0.84Λ 1+0.66log a⎡ ⎤⎣ ⎦  Eq. 5.27
6.1.2. Soil Model at Pile Base 
The representation of soil behavior according to Lysmer’s analogue is 
used to represent the nonlinear soil behavior at the pile base as shown in Figure 
6.2.   
Radiation 
Dashpot
Nonlinear 
Spring
Pile Node
Soil at distance from pile  
Figure 6.2 Proposed soil model at pile base 
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The linear spring in Lysmer’s analogue is replaced by a nonlinear spring 
using a hyperbolic model for the degradation of its modulus.  The radiation 
dashpot is kept the same as that in Lysmer’s analogue defined by Eq. 5.14 
because it can capture the effect of energy loss due to radiation damping at the 
pile base.   
2
b
0.85dC = Gρ
1-ν
 
Eq. 5.14
The nonlinear spring describes the actual load-settlement response during 
static loading as opposed to a linear spring combined with a plastic slider that 
approximate the loading curve by a linear elastic/perfectly plastic behavior.  
Hyperbolic stress-strain models have been found to adequately represent the 
nonlinear behavior of most soils (Kondner 1963, Duncan and Chang 1970).  
Hyperbolic models are characterized by a backbone curve and a series of 
conditions that govern unloading and reloading behavior during cyclic loading.  In 
this research, the classical hyperbolic model that is described by a backbone 
curve ( )bbFτ γ=  is chosen.  ( )bbF γ  is defined as: 
( ) max
max
max
1
bb
GF G
γγ
γτ
=
+
 Eq. 6.1 
where Gmax is the maximum (initial) shear modulus, maxτ  is the maximum (limit) 
shear stress, and γ  is the current shear strain. 
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The backbone curve represents the degradation of shear modulus from its 
initial maximum value according to the strain level.  In incremental numerical 
analyses using nonlinear models, a tangent shear modulus rather than a secant 
shear modulus is used.  Eq. 6.1 can be transformed to represent the secant 
shear modulus (Gsec) in terms of the maximum shear modulus (Gmax) and the 
current and maximum shear stress ( )maxτ τ  as follows: 
sec
max max
G τ=1-
G τ
⎛ ⎞⎜ ⎟⎝ ⎠
 
Eq. 6.2 
Differentiating Eq. 6.1 with respect to shear strain, the tangent modulus 
(Gt) is obtained as: 
2
t sec
max max
G G=
G G
⎛ ⎞⎜ ⎟⎝ ⎠
 
Eq. 6.3 
The incremental shear stress ( )dτ  is then obtained as: 
2
t max
max
1dτ=G dγ=G dγ
γ
1+
γ
⎛ ⎞⎜ ⎟⎜ ⎟⎜ ⎟⎜ ⎟⎝ ⎠
 
Eq. 6.4 
where  is the incremental shear strain, dγ γ  is the current shear strain, and 
max max maxγ / Gτ= .   
Following the form of the hyperbolic soil model, incremental base 
resistance dRb can be related to the incremental base displacement dW 
according to:  
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2
b b b,max
b,max
b,limit
1dR =K dW=K dW
W K
1+
R
⎛ ⎞⎜ ⎟⎜ ⎟⎜ ⎟⎜ ⎟⎜ ⎟⎝ ⎠
 
Eq. 6.5 
where Kb is the current tangent value of the nonlinear spring stiffness, Kb,max is 
the initial (maximum) spring stiffness from Eq. 5.13 with G=Gmax, and Rb,limit is the 
limit base resistance. 
The model also accounts for the unloading-reloading response according 
to the extended Masing rules (Kramer 1996) for cyclic loading. If a reversal 
occurs during the analysis, the reversal point is defined by displacement Wrev and 
load Rb,rev.  The path of the unloading-reloading curves takes the same shape of 
the backbone curve but is enlarged by a factor of 2, as follows: 
2
b b,max
rev b,max
b,limit
1dR =K dW
W-W K
1+
2R
⎛ ⎞⎜ ⎟⎜ ⎟⎜ ⎟⎜ ⎟⎜ ⎟⎝ ⎠
 
Eq. 6.6 
If the unloading or reloading curve meets the backbone curve, the 
subsequent stress-strain response starts following the backbone curve until the 
next reversal level.   
6.2. Basics of Wave Equation Analysis 
In the one-dimensional wave equation analysis, a continuous pile is 
replaced by N pile segments.  Each pile segment consists of a lumped mass and 
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spring element and is attached to a rheological element representing the 
surrounding soil, as shown in Figure 6.3.  According to Cook et al. (2002), a 
lumped mass formulation not only reduces the cost per time step, but it is also 
likely to provide better accuracy than a consistent mass formulation.  In a study 
on the accuracy of numerical analysis for pile driving, Deeks and Randolph 
(1992) show that the lumped mass formulation shows extremely close results to 
those obtained by an accurate finite element analysis. 
As discussed in SECTION 6.1, the soil model along the pile shaft is 
represented by a plastic slider and viscous dashpot placed in series with an 
equivalent linear spring and radiation and hysteretic dashpot.  The soil model at 
the pile base is represented by a non-linear spring and radiation dashpot in 
parallel.  The hammer blow hitting the pile top induces the boundary condition 
needed to start the analysis.  This boundary condition can be either modeled as 
an impact force or as an impact velocity at the pile head.  In this analysis, the 
impact velocity, given by the equation below, is used.   
impV = 2gh×Eff  Eq. 6.7 
where g is the acceleration of gravity, h is the drop height, and Eff is the hammer 
efficiency.   
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Figure 6.3 Pile and soil discretization 
The mass and spring elements of each pile segment are expressed as: 
p p pρ L AM=
N
 
Eq. 6.8 
and 
p
p
EA
K= N
L
 
Eq. 6.9 
where Lp is the total pile length, Ap is the pile cross-sectional area, pρ  is the pile 
mass density, E is Young’s modulus of elasticity, and N is the number of pile 
segments.   
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6.2.1. Pile Shaft Response 
As discussed in SECTION 6.1, the shaft model effectively separates the 
soil behavior from the pile behavior and considers the non-linearity of the soil.  
Slippage at the interface is taken into account by assuming a rigid-perfectly 
plastic contact between the pile and the soil.  Before slippage, the pile and soil 
elements displace at the same velocity until the limit shaft resistance, defined in 
Eq. 5.12, is reached.  The shaft resistance for the selected model is expressed 
as: 
{ } [ ]{ } [ ]{ }z s z pR = K W + C W  Eq. 6.10 
where, [ ]zK  is the soil stiffness matrix, whose diagonal terms are found using Eq. 
5.26, [ ]zC  is the soil damping matrix, whose diagonal terms are found using Eq. 
5.27, { }sW  is the soil displacement vector, and { }pW  is the pile velocity vector.   
Since the pile and soil velocity is the same until slippage starts, the pile 
velocity can be used in the calculation of resistance when there is no slippage.  
These soil resistances are considered as external forces acting on the pile 
element.  Thus, the generalized equation of motion for all pile segments along 
the shaft can simply be expressed as:   
[ ]{ } [ ]{ } { }p pM W + K W = -R  Eq. 6.11 
where [M] is the pile mass matrix where the diagonal terms are found using Eq. 
6.8, [K] is the pile stiffness matrix where the diagonal terms are found using Eq. 
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6.9, { }pW  is the pile displacement vector, { }pW  is the pile acceleration vector, 
and { }-R  is the shaft resistance vector.   
According to the soil model along the pile shaft, the shaft resistance (R) 
for each pile segment is limited by the limit shaft resistance at the pile-soil 
interface, represented in Eq. 5.12.  The viscous parameters m and n are chosen 
according to the soil type.  The values of m vary from 0.3-0.5 for sands, and from 
2-3 for clays; n ranges from 0.2 to 0.5.  In the examples used in the next Chapter, 
average values of these parameters, according to the soil profile, are used to 
validate the proposed model.  
6.2.2. Pile Base Response 
The response of the pile base is modeled differently.  The limit base 
resistance is set to be strictly the limit static base resistance.  The dashpot 
controls the radiation damping below the pile base and is included in the 
equation of motion of the base as follows: 
b b b b bMW +C W +KW = -R   Eq. 6.12 
where M is the mass of the base segment (Eq. 6.8), Wb is the pile displacement 
at the base, the ( ) denotes the time derivative, C⋅ b is the radiation damping 
parameter at the base defined in Eq. 5.14, K is the stiffness of the pile element 
defined in Eq. 6.9, and Rb is the pile base resistance defined by the hyperbolic 
model to integrate the nonlinear soil behavior in the analysis.   
 
 118
6.2.3. Integration Scheme 
In early numerical approaches, the explicit time integration scheme has 
been used, with an appropriate choice of time step to ensure stability, to solve 
the one-dimensional wave equation.  Although explicit time integration schemes 
are simpler in wave propagation problems, these schemes are conditionally 
stable.  Implicit methods, mostly the Newmark family of methods, have been 
used with the appropriate choice of parameters to ensure unconditional stability.  
Cook et al. (2002) state that implicit time integration schemes are best suited in 
structural dynamic problems.  The most common unconditionally stable implicit 
methods are the Newmark family of methods with the numerical factors γ  and β  
defined as: 
12
2
β γ≥ ≥  Eq. 6.13 
These numerical factors control accuracy, numerical stability, and the 
amount of algorithmic damping.   
In this analysis, the average acceleration method which is unconditionally 
stable for =0.5 =0.25γ  and β  (Cook et al. 2002) is used.  Even in implicit time 
integration, the time step has to be sufficiently small to provide an accurate 
solution (Randolph 1990).  In a lumped mass formulation, the physical 
interpretation of the time step tΔ  is that it must be small enough that information 
does not propagate more than the distance between adjacent nodes during a 
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single time step.  This means that the time step tΔ  ought to be smaller that a 
threshold value: 
lim
min( )pLt
c
Δ =  Eq. 6.14 
where Lp is the pile segment length and c=(Ep/ρp)0.5 is the wave speed. 
The time step  is usually taken as: tΔ
lim
2
tt ΔΔ =  Eq. 6.15 
However, there is a critical balance between the appropriate choice of tΔ  
and the degree of accuracy in the analysis.  In implicit methods, the accuracy 
increases as tΔ  is reduced.  A sensitivity study was made to choose the most 
suitable time step.  The accuracy was checked by observing the variation in the 
final pile displacement at the pile top and base, the peak and residual resistances 
at the pile base, and the peak force in the top pile segment.  Table 6.1 shows the 
results for the different time steps used in the analysis of the model pile in dense 
sand.  The details of this model pile are discussed in SECTION 7.3.3. 
The final displacement at the pile top and base are almost equal for time 
steps less than lim 2tΔ .  The error in the estimation of the peak base resistance 
and the top force is within 1%, which is considered acceptable for all practical 
purposes.  The results for time steps greater than lim 2tΔ  started showing high 
frequency modes that are undesirable nonphysical responses associated with 
the discretization of the system (Cook et al. 2002).  For a time step equal to the 
 
 120
threshold value , the values of displacement and resistances become less 
accurate.  A time step larger than the threshold produces significant amount of 
numerical noise, due to the high frequency modes, but does not cause instability 
in the integration scheme.  Final displacements and resistances remain finite for 
.   
limtΔ
2t tΔ = Δ lim
Table 6.1 Sensitivity study of time step for average acceleration method 
tΔ  Final 
displacement 
at pile top 
(mm) 
Final 
displacement 
at pile base 
(mm) 
Peak 
dynamic 
resistance at 
base (kN) 
Residual 
dynamic 
resistance at 
base (kN) 
Peak 
dynamic 
force at 
top (kN) 
lim2 tΔ  Significant amount of numerical noise  
limtΔ  0.720 0.720 4.284 0 48.540 
lim0.9 tΔ  0.928 0.920 4.358 1.5735 48.893 
lim 2tΔ  0.937 0.931 4.435 1.7094 49.010 
lim 5tΔ  0.934 0.927 4.455 1.7743 49.037 
lim 10tΔ  0.935 0.928 4.482 1.797 48.999 
According to Cook et al. (2002), numerical noise for time steps larger that 
the threshold value can be reduced or even eliminated by using a Newmark 
method that is algorithmically damped.  An algorithmically damped method, with 
0.5γ ≥
0.6
, can be used at the cost of reducing the guaranteed accuracy from 
second-order to first-order.  This is shown in Table 6.2 where a value of γ =  is 
used.  In order to obtain the highest possible high-frequency dissipation, while 
retaining unconditional stability, the choice of β  is governed by the following 
equation (Cook et al. 2002):  
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21 1
4 2
β γ⎛ ⎞= +⎜ ⎟⎝ ⎠  
Eq. 6.16 
Table 6.2 Sensitivity study of time step for 0.6γ =  and 0.3025β =  
tΔ  Final 
displacement 
at pile top 
(mm) 
Final 
displacement 
at pile base 
(mm) 
Peak 
dynamic 
resistance at 
base (kN) 
Residual 
dynamic 
resistance at 
base (kN) 
Peak 
dynamic 
force at 
top (kN) 
lim2 tΔ  0.915 0.906 3.943 2.246 46.358 
limtΔ  0.931 0.923 4.096 2.108 46.824 
lim0.9 tΔ  0.928 0.920 4.107 2.071 47.342 
lim 2tΔ  0.932 0.924 4.273 2.004 48.102 
lim 5tΔ  0.935 0.927 4.408 1.932 48.667 
lim 10tΔ  0.935 0.927 4.457 1.890 48.861 
The results in Table 6.2 prove that algorithmic damping can be obtained at 
the expense of losing accuracy.  Although the displacement values at the pile top 
and pile base remain close to those obtained from the average acceleration 
method, the peak base resistance and dynamic force at pile top are reduced.  
The effect of this reduction is seen in an increase in the residual base resistance 
that remains at the end of the analysis.  The residual resistance increases as 
algorithmic damping increases.   
In conclusion, it was found that the unconditionally stable average 
acceleration method with a time step equal to lim 5tΔ  is the most suitable in 
terms of accuracy and efficiency.  The displacements and resistances obtained 
from the analysis for time steps between lim 2tΔ  and lim 10tΔ  do not show a 
significant change in their values.  In order to limit the number of steps required 
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to complete the analysis of a blow as well as remain within the most accurate 
range of the time step Δ , a value equal to t lim 5tΔ  was chosen for the analysis of 
the proposed model that will be presented later.   
The acceleration, velocity, and displacement of each pile segment are 
found using the following equations from Cook et al. (2002) for the Newmark 
integration method: 
{ } { } { } { }( ) { }2 n+1 nn+1 n n1 1W W - W -Δt W - -1 WβΔt 2β⎛ ⎞= ⎜ ⎟⎝ ⎠    Eq. 6.17
{ } { } { }( ) { } { }n+1 nn+1 n nW W - W - -1 W -Δt -1 WβΔt β 2βγ γ γ⎛ ⎞ ⎛ ⎞= ⎜ ⎟ ⎜ ⎟⎝ ⎠ ⎝ ⎠    
Eq. 6.18
{ }
[ ] { } { } { }
[ ] { } { } { }
ext
2 nn+1 n n
n+1 eff
n n n
1 1 1R + M W + W + -1 W
βΔt βΔt 2β1W
K
+ C W + -1 W +Δt -1 W
βΔt β 2β
γ γ γ
⎛ ⎞⎧ ⎫⎛ ⎞⎡ ⎤⎜ ⎟⎨ ⎬⎜ ⎟⎣ ⎦ ⎝ ⎠⎜ ⎟⎩ ⎭= ⎜ ⎟⎡ ⎤ ⎧ ⎫⎛ ⎞ ⎛ ⎞⎣ ⎦ ⎜ ⎟⎨ ⎬⎜ ⎟ ⎜ ⎟⎜ ⎟⎝ ⎠ ⎝ ⎠⎩ ⎭⎝ ⎠
 
 

 
Eq. 6.19
where n is the time step number and  
[ ] [ ] [ ]eff 21 γK M CβΔt βΔt⎡ ⎤ = + +⎣ ⎦ K  
Eq. 6.20 
The damping matrix [C] only exists for the equation of motion at the pile 
base, [C]=[Cb], since the soil model at the base incorporates the plastic slider in 
series with the spring only.   
Since this model allows the separation of the pile and soil motion along 
the pile shaft, the soil displacement after slippage occurs is found by solving Eq. 
6.10 using the central difference method.   
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[ ] [ ]{ } [ ] { } { }s sn+1 n-1z s zn+1 W - WR K W + C 2Δt
⎛ ⎞= ⎜ ⎟⎜ ⎟⎝ ⎠
 
Eq. 6.21 
{ }
[ ] [ ]
[ ] [ ]{ }s n-1s zn+1
z
z
W1W R C
C 2Δt
K
2Δt
⎛ ⎞⇒ = +⎜ ⎟⎜ ⎟⎝ ⎠+
 
Eq. 6.22 
Prior to slip, the pile and soil displace together and the soil displacement is 
evaluated as: 
{ } { } { }s sn+1 n nW W + ΔW=  Eq. 6.23 
The velocity of the soil after slippage is: 
{ } { } { }s sn+1 n-1s n+1 W - WW 2Δt=  
Eq. 6.24 
After each time step, the soil resistance at the shaft and base are 
evaluated using Eq. 6.10 and Eq. 6.12.  The limit resistances along the pile shaft 
are updated to incorporate the viscous damping according to Eq. 5.12.  The 
algorithm proceeds to calculate the acceleration, velocity, and displacement of 
each pile node.  It also calculates the displacement and velocity of the soil nodes 
and updates the loading intensity factor Λ  (Eq. 5.28).  The details of the 
algorithm will be presented in the next sections.   
6.3. Input Parameters 
The input parameters for the wave equation analysis are the pile 
dimensions, hammer properties, soil properties, and static pile resistances.  The 
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pile dimensions are usually known a priori and the static pile resistances are 
calculated based on the information obtained from the site characterization.  The 
embedment depth of the pile is also chosen based on the competency of the soil 
layers and the required static capacity for structural design.   
The pile diameter, total length, material density and Young’s modulus of 
elasticity should be defined.  The user is given the freedom to choose the 
number of segments necessary to discretize the pile.  It is suggested to also 
specify the length of pile segment that remains above ground after driving and 
the length of the pile base segment.   
The hammer properties are simplified in this algorithm.  The drop height, 
efficiency, mass of the ram, and cushion stiffness are only needed to calculate 
the impact velocity and drop mass applied at the pile head.   
The soil properties that are required in this algorithm are the maximum 
shear modulus, plasticity index, soil density, and Poisson’s ratio.  The user is 
asked to discretize the soil profile in different layers with similar properties.  
Depending on the soil characterization and the soil properties that are available, 
the user has the flexibility of choosing the equations for the maximum shear 
modulus of each layer.  Based on the layering of the soil profile, the static pile 
shaft and base resistances are calculated, according to the design methods 
presented in CHAPTER 3.  The values obtained for these resistances are also 
input values to the algorithm.   
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6.4. Estimation of Small Strain Shear Modulus 
A brief discussion is necessary to introduce the relationships that can be 
used to estimate the small strain shear modulus, also known as maximum shear 
modulus, Gmax..  The simplest way to calculate Gmax is from measured shear 
wave velocities in the soil.  This is generally the most reliable method to evaluate 
in situ values of Gmax for a particular soil profile.  The maximum shear modulus is 
directly proportional to the squared value of maximum shear wave velocity.  The 
constant of proportionality is the soil density ρ .   s
2
max s maxG ρ V=  Eq. 6.25 
When the maximum shear wave velocity is not available, Gmax can be 
estimated from several relationships with soil properties or field test properties.  
The maximum shear modulus depends on soil type and can be related to the 
void ratio, overconsolidation ratio, vertical and mean effective stress, and the 
plasticity index of the soil.  It can also be calculated from in situ test parameters 
such as the standard penetration test, cone penetration test, and pressuremeter 
test.   
Laboratory test data suggest that Gmax can be expressed as: 
( ) ( )1maxG 625 ( ) 'k nna mF e OCR p σ−=  Eq. 6.26 
where F(e) is a function of void ratio, OCR is the overconsolidation ratio, pa is the 
atmospheric pressure in the same units as the mean effective stress 'mσ , k is the 
OCR exponent, and n is the stress exponent. 
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For Eq. 6.26, Hardin (1978) proposed that F(e) = 1/(0.3+0.7e2), while 
Jamiolkowski et al. (1991) suggested F(e) = 1/e1.3.  The stress component n is 
often taken equal to 0.5.  The OCR exponent is related to the plasticity index as 
shown in Table 6.3.   
Table 6.3 Overconsolidation exponent, k (Hardin and Drnevich 1972) 
Plasticity 
Index 
k 
0 0.00 
20 0.18 
40 0.30 
60 0.41 
80 0.48 
≥100 0.50 
The small-strain shear modulus for sands is often related to the stress 
state and relative density by the following expression (Hardin and Black 1968): 
( )2 1
maxG '1
g gg n n
g m
e e
C p
e
σ A −
−= +  
Eq. 6.27 
where e is the void ratio after consolidation, 'mσ  is the mean effective stress, pA 
is the reference stress (100kPa=0.1MPa=1kgf/cm2=1tsf), and Cg, eg, and ng are 
intrinsic soil variables. 
In the absence of all these soil properties, some empirical relationships 
can be used to find the maximum shear modulus of different soils.  For example, 
Gmax for sands can be estimated from the empirical relationship: 
( )0.5max 2,maxG 1000K 'mσ=  Eq. 6.28 
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where K2,max is determined from the void ratio or relative density of the sand as 
shown in Table 6.4 and 'mσ is the mean effective stress in units of lb/ft2.   
Table 6.4 Estimation of K2,max (Seed and Idriss 1970) 
Void ratio  
e 
K2,max  Relative Density 
Dr(%) 
K2,max
0.4 70  30 34 
0.5 60  40 40 
0.6 51  45 43 
0.7 44  60 52 
0.8 39  75 59 
0.9 34  90 70 
For fine-grained soils, Gmax can be approximated from OCR, plasticity 
index, and undrained shear strength as shown in Table 6.5. 
Table 6.5 Values of Gmax/su (after Weiler 1988) 
 Overconsolidation Ratio, OCR 
Plasticity Index 1 2 5 
15-20 1100 900 600 
20-25 700 600 500 
35-45 450 380 300 
In situ tests can also be used to approximate values of Gmax.  Table 6.6 
presents the relationships developed from the cone penetration value qc.   
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Table 6.6 Empirical relationship between Gmax and qc (from Kramer 1996) 
Relationship Soil Type Reference Comments 
( ) ( )0.250 0.375maxG 1634 'c vq σ= Quartz Sand Rix and Stokoe (1991) Values in kPa; Based on 
calibration 
chamber and 
field tests 
( )0.695 1.130maxG 406 cq e−=  Clay Mayne and Rix (1993) Values in kPa; Based on field 
tests 
Other relationships can be used to estimate Gmax and can be found in 
different books on soil dynamics and earthquake engineering.   
6.5. Algorithm 
The algorithm was developed using the commercial software MathCAD.  
This software was chosen due to its versatility and simple coding procedure.  
MathCAD has the capability of quickly generating the results and plotting the 
graphs, which proved useful when debugging was necessary.  
In addition to the input parameters necessary for the solution, the 
algorithm also requires an initial estimate of the natural frequency of vibration.  
The value of natural frequency can later be updated and the algorithm is run 
again.  However, a sensitivity analysis was done and it was found that there is no 
significant sensitivity to the value of frequency.  A typical value of natural 
frequency could thus be used in the stiffness and damping parameters.  At the 
same time, the loading intensity factor should be updated in order to properly 
incorporate the non-linearity that results in the soil profile due to driving.   
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The algorithm outputs the values of displacement versus time for each pile 
segment, the force versus time at the pile top, and the resistances versus 
displacement and time for the soil segments.  In common practice, the number of 
blows required to drive the pile to a certain distance are typically provided to the 
engineer.  The number of blows is defined as the pile embedment depth divided 
by the final displacement per blow at the pile base.  The value of final 
displacement per blow is easily obtained from the displacement versus time plot 
at the base.  Other common outputs of the wave equation analysis are the 
bearing graph and the driveability analysis.  The bearing graph specifies the 
ultimate capacity of the pile versus number of blows.  This is helpful in situations 
where the engineers would like to obtain a quick estimate of the ultimate capacity 
during driving.  The driveability analysis provides the operator with the number of 
blows versus pile penetration depth.  These outputs can be obtained based on 
this algorithm.   
6.6. Conclusion 
The major contribution of this research is presented in this Chapter.  The 
one-dimensional wave equation analysis is modified to incorporate soil models 
along the pile shaft and at the pile base that are based on intrinsic soil properties.  
The commonly used quake and damping values are eliminated from this 
algorithm.  Non-linear soil behavior is incorporated in the soil model along the 
pile shaft based on a continuum analysis and plane strain conditions.  A 
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hyperbolic model is used in the soil model at the pile base to represent the 
nonlinear soil behavior at the base as observed during loading.  The average 
acceleration method, from the Newmark family of methods, is used in the 
algorithm to solve the wave equation problem.  The validation of this model will 
be presented in the next Chapter.  The results of full-scale field pile load tests 
and model-scale pile load tests will be used to show the effectiveness of this 
algorithm in predicting pile and soil behavior during driving.   
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CHAPTER 7. FIELD AND MODEL PILE LOAD TESTS 
This Chapter presents the results obtained from the field experiments 
done on full-scale and model-scale pipe piles.  Both static and dynamic load tests 
were performed on all piles.  The procedures followed to conduct the pile driving, 
dynamic testing, and static testing are also detailed.  The results are used to 
validate the proposed model discussed in CHAPTER 6.  The proposed model is 
also compared to the original Smith model and to other improved models.   
7.1. Field Pile Load Test in Jasper County 
A full-scale pile load test was conducted on the north side of a bridge 
construction project over Oliver ditch, on State Road 49, in Jasper County, 
Indiana.  The purpose of this field load test was to examine setup effects in clay 
as well as to study the dynamic behavior of piles during driving.  Figure 7.1 
shows the test site layout including the number of piles that were driven and the 
number of standard penetration (SPT) and cone penetration (CPT) tests that 
were performed.  In total, there were two main piles, nine reaction piles, and two 
extra piles installed on the site.  The static load tests were performed on the two 
main piles: one closed-ended pipe pile and one H-pile.  This research focused on 
the results obtained from the closed-ended pipe pile.   
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Figure 7.1 Field pile load test layout 
7.1.1. Field and Laboratory Testing 
Extensive field and laboratory testing were performed to characterize the 
soil profile and obtain the soil properties of each layer in the profile.  The SPT 
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split spoon samples obtained at different depths showed that the soil profile 
consisted mainly of a thick deposit of clayey silt and silty clay with sand and silt 
seams up to 25m depth.  Table 7.1 shows several of the soil properties obtained 
for this soil profile from laboratory testing.  The results of the CPTs performed 
before driving are shown in Figure 7.2 and are compared to the SPT “N” values 
in Figure 7.3.  These results indicated that, in general, the soil deposit is in a 
loose state.  The bearing layer was at 17.4m where the cone penetration 
resistance values were around 50MPa.   
Since the soil profile was mainly clayey, four vibrating wire piezometers 
were installed to monitor the excess pore pressure generated during pile driving.  
In order to avoid damaging these piezometers during driving, they were installed 
at a safe distance close to the boundaries of the test site as shown in Figure 7.1.  
At each location, a pair of piezometers was installed at two depths (13.5m and 
17.8m) in the clay layers where pore pressure dissipation is of concern.  The 
Campbell Scientific datalogger (model CR5000) was used to record the signals 
from the piezometers because it has the capabilities of recording under static and 
dynamic loading.  A typical pore pressure plot obtained during driving is shown in 
Figure 7.4.  Although the time scale is in milli-second, it can be seen that in 
almost 2.5min, pore pressure builds up from 150kPa to almost 600kPa as the 
pile is driven close to the location of the piezometer.  Pore pressure dissipation, 
on the other hand, takes longer time.  For example, it takes 12.5min to go from 
600kPa to 350kPa.   
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Table 7.1 Soil properties of field samples from load test in Jasper County †
Soil Type Depth (m) PI (%) Total Unit 
Weight 
(kN/m3) 
DR(%) e0 OCR su 
(kPa)
Organic Soil 0 - 1 89 13.4 - 3.56 - - 
Silty Sand 1 - 4 0 22* 78 - - - 
Clayey Sand 4 - 7 0 22* 52  - - - 
Sandy Clay 7 - 8 0 22* - - - - 
Clayey Sand 8 - 9 0 22* 81 - - - 
Silty Clay 9 - 10 19 20.1 - 0.73 3.2 220 
Clayey Silt 10 - 12 10 20.6 - 0.63 1.9 320 
Silty Clay 12- 14 9 21.9 - 0.45 4.9 103 
Clayey Silt 14 - 16 10 21.6 - 0.4 2 292 
Clayey Silt 16 - 17 10 21.6 - 0.4 2 292 
Stiff Silt 17-18.4 0 21* 95-100 - - - 
† Some properties were not obtained from laboratory tests. Samples were highly disturbed. 
* These values are assumed. 
where PI is the plasticity index, DR is the relative density, e0 is the initial void ratio, 
OCR is the overconsolidation ratio,  and su is the undrained shear strength.  
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Figure 7.2 Cone penetration test results 
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Figure 7.3 CPT and SPT test results 
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Figure 7.4 Typical pore pressure data obtained during driving 
7.1.2. Pile Instrumentation 
The closed-ended pipe pile was a spiral weld steel pile with an outer 
diameter of 356mm (14 in) and a wall thickness of 12.7mm (0.5 in).  The end was 
closed with a 25.4mm (1 in) thick steel plate welded to the base.  The pile was 
embedded to a depth of 17.4m below ground level.  The total length of the pile 
was about 20m, including the part above ground.  The test pile was instrumented 
along the shaft with strain gages, accelerometers, and strain transducers.   
Strain gages were used in the static load tests to obtain the shaft and 
base resistance of the pile.  Accelerometers and strain transducers were used to 
measure the pile acceleration and force time histories at the pile head and pile 
base.  As mentioned previously, axially-loaded static load tests to failure are the 
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most reliable tests used to determine the actual static capacity of a pile.  
Dynamic load testing is faster and less expensive but suffers from many 
drawbacks, as discussed in CHAPTER 1.   
Thirty four strain gages were attached to the closed-ended pipe pile at 17 
levels diametrically opposite.  The Geokon vibrating wire strain gage type (model 
4150) was used to measure strain change.  This model was chosen because it 
had the highest ratings for stability, reliability, and long term use, especially in 
bad weather conditions.  These strain gages measure the strain induced by 
loading as the wire length changes.  This type of strain gages is only suitable for 
static measurements because it cannot measure the change in strain at higher 
frequencies, as required in dynamic tests.  The stress change at the pile shaft is 
then calculated from the measured strain variation, knowing the cross-sectional 
area where the strain gage is located.  If the thickness of the pile cross-section is 
inconsistent along its length or if the strain gage is attached at a locally curved 
section on the pile, the strain gage would yield unreliable data.  Therefore, during 
installation, the strain gages were carefully placed away from the welding joints 
of the spiral weld and the pile surface was smoothed and cleaned before the 
gages were welded to their location.   
In order to protect the gages from the wet conditions expected on site, 
during the fall and winter seasons 2004-2005, each gage was individually 
covered with a steel cap and sealed with silicone.  An iron angle, 76mm (3in) 
wide and 6mm (0.24in) thick, was also used to protect all the gages and their 
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cables from direct contact with the soil during pile driving.  The locations of all 
gages are shown in Figure 7.5.  Pictures taken during the preparation of the pile 
and during the field tests are shown in the APPENDIX .   
The Micro-10 Geokon datalogger, model number 8020, was used to 
measure the response of the vibrating wire strain gages.  Three multiplexers 
(model 8032-16-1) were used to allow the datalogger to capture the responses 
from all gages simultaneously.  The shaft resistance was obtained from the strain 
gages along the pile length using the elastic load-strain relations.  The total shaft 
resistance was also calculated from the difference between the total and base 
resistances.  There was a good match between these two values; the shaft 
resistance obtained from the strain gages was 98% of the difference between the 
total and base resistance.  The base resistance was estimated by assuming the 
unit shaft resistance to be the same between the last strain gage and the pile 
base as between the two lowest strain gages.   
The pile driving analyzer (PDA) was used to record the acceleration and 
force data during pile driving and during restrike testing.  Two strain transducers 
and two piezo-electric accelerometers were attached to the outside walls, two 
diameters below the pile head.  A second set of strain transducers (F1 and F2) 
and piezo-electric accelerometers (A1 and A2) were attached to the pile base as 
shown in Figure 7.6.   
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Figure 7.5 Location of strain gages on pipe pile 
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Figure 7.6 Location of accelerometers and strain transducers at pile base 
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7.1.3. Pile Driving and Dynamic Testing 
The ICE-42S single acting diesel hammer was used to drive all piles in 
this project.  The ram weight was 18.2 kN.  It had a maximum hammer stroke of 
3.12 m and a rated maximum driving energy of 56.8 kN m.  The actual driving 
energy delivered to the pile head was on average about 36% of the free fall 
energy of the ram.  The delivered energy during the series of blows ranged from 
19.0 to 28.5 kN m and caused the permanent displacement of the piles to vary 
from 5 to 15 mm per blow.  A series of restrike tests were done on all reaction 
piles and on the extra piles in order to monitor the increase in pile capacity with 
time.  After the 7th day restrike tests, the ICE-42S hammer was replaced by a 
drop hammer.  The Apple II drop hammer was provided by GRL Engineers, Inc.  
It was chosen in order to ensure that the energy losses are minimized during the 
tests.  No restrike tests were done on the main piles in order to eliminate any 
dynamic effects that the hammer blows may generate.  Stresses generated due 
to dynamic impact would affect the results of the static load tests.  Therefore, the 
dynamic load testing of the main piles was substituted by that of the extra piles 
that were driven to the same depths.   
The reaction piles were driven to depths of either 17.4m or 24.5m 
depending on the required resistance during the static load tests.  The close-
ended test pile was embedded in the stiff silt layer at 17.4 m.  According to the 
field test data, the pile was located at 17.4m, with at least 1.5 times the pile 
diameter of competent bearing layer below its base.   
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The static and dynamic test results on the closed-ended pipe pile, called 
Main Pile 1 in Figure 7.1, were used in this research to validate the proposed 
model as it will be discussed in the next section.   
7.1.4. Static Pile Load Testing 
The reaction frame that was designed for the static load test is shown in 
Figure 7.7.  Two tests were conducted on the closed-ended pipe pile.  During 
each static load test, the total load applied to the pile head was measured by a 
load cell with a capacity of 2.0 MN.  The vertical settlement of the pile head was 
measured by two dial gages attached to two reference beams.  The values of all 
strain gages were zeroed directly after driving and before the start of each static 
load test.  Re-zeroing the values of the strain gages is an important step in every 
load test.  It allows the measurement of both the residual loads after pile driving 
and the loads induced along the length of the pile during the testing period.   
The procedure of a static load test is rather simple.  The load is applied on 
the pile head in increments using a hydraulic jack.  After each loading step, the 
pile settlement is monitored using dial gages or LVDTs.  LVDTs are linear 
variable differential transformers that digitally record the settlement of the pile as 
load is applied.  They are more reliable and accurate than regular dial gages.  At 
each loading step, the settlement is recorded after 5, 15, 35, 55, 75, 95, and 120 
min.  When the pile settlement stabilizes, the strain gage readings are recorded.   
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The loading increment chosen for this pile test started at 0.4 MN and was 
reduced to 0.05 MN near the end of the test.  Decreasing the loading increment 
as the pile gets closer to failure allows the accurate capturing of the plunging 
load.  At every loading step, the load was maintained until the pile head 
settlement rate stabilized to less than 0.025 mm/hr.  When the pile settlement 
was stabilized, the strain gages readings were recorded in order to later evaluate 
the resistances.   
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Figure 7.7 Reaction frame system and setup for static load test 
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7.1.5. Dynamic and Static Test Results 
7.1.5.1. Driving Resistance 
The pile driving records consisting of cumulative hammer blow counts and 
the penetration per blow plotted versus penetration depth are shown in Figure 
7.8.  Driving resistance was negligible as the pile penetrated the top 3-m of 
organic soil.  The blow counts increased slightly with depth until the stiff silt layer 
was reached.  At almost 17 m there was a large increase in the number of 
hammer blows as the pile penetrated the stiff silt layer.  Driving stopped when the 
pile was sufficiently embedded in that layer.  The goal was to have the pile 
embedded one pile diameter in the stiff silt layer and keep a minimum depth of 
1.5 times the pile diameter of the same soil below the pile base.  At the final 
depth, the cumulative hammer blow count was about 600 blows for the close-
ended pipe pile.  It should be noted that the closed-ended pile was driven in two 
sections because the total pile length was greater than the length that the 
hammer guide could accommodate.  The cumulative blows needed to drive the 
second section and reach final embedment depth were 373 blows.   
7.1.5.2. Acceleration and Force Time Histories 
The acceleration and force time histories were recorded for every blow as 
the pile was driven in the ground using the Pile Driving Analyzer (PDA).  The 
PDA records corresponding to the driving of the second pile section are used 
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hereinafter.  A few typical blow records during driving are shown in Figure 7.9, 
Figure 7.10, Figure 7.11, and Figure 7.12.  These figures show the raw data 
obtained from the PDA at the pile top without any changes applied to the results.  
Although records were obtained from the accelerometers and transducers at the 
pile base, these records had inconsistencies in the results.  Figure 7.13 shows 
the displacement plots at the pile base obtained for various blows close to the 
end of driving.  At the pile top, the displacement integrated from the acceleration 
records shows a final displacement of about 10mm at end of driving (Blow #372).  
The displacement at the pile base shows that the pile base is in tension and the 
final values of displacement range from negative 40mm to negative 15mm.  This 
is an unexpected result for the displacement at the pile base and could be due to 
a malfunction in the accelerometers installed at the base.  It should be noted that 
the displacement is calculated in the PDA by averaging the acceleration records 
at one location and integrating them in time.  The force records at the pile base 
were also checked for blows close to the end of driving, as shown in Figure 7.14.  
One of the transducers at the base was giving much larger forces than the other.  
This shows that one pair of accelerometer and transducer was most likely 
damaged during driving and thus gave inconsistent results that affected the 
displacement outputs from the PDA.   
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Figure 7.8 Driving resistance of closed-ended pipe pile 
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Figure 7.9 Acceleration and force records during initial driving stages of field pile 
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Figure 7.10 Acceleration and force records during final driving stages of field pile 
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Figure 7.11 Velocity records at pile top during different driving stages of field pile 
 
 147
Displacement at Pile Top
60
0
10
20
30
40
50
0 0.05 0.1 0.15 0.2
Time (sec)
D
is
pl
ac
em
en
t (
m
m
)
Blow #100
Blow #150
Blow #200
Blow #250
Blow #300
Blow #350
Blow #372
 
Figure 7.12 Displacement records at pile top during different driving stages of 
field pile 
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Figure 7.13 Displacement records at pile base during different driving stages of 
field pile 
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Figure 7.14 Force records at pile base during final driving stages of field pile 
7.1.5.3. Load-Settlement Response 
Two static load tests were carried out during the duration of the project.  
Figure 7.15 shows the axial load-settlement curves for the close-ended test pile 
obtained from these two static load tests.  Figure 7.15 shows a linear increase of 
load versus settlement until the applied load exceeds 0.6 MN in the first static 
load test and 1.0 MN in the second test.  After this point, the pile settlement starts 
increasing as the load increases to reach plunging.  Plunging behavior is seen at 
loads greater than 1.5 MN.  The tests were continued until the plunging failure 
was ascertained.  The maximum load reached after the second static load test 
was 1.9 MN for the close-ended pipe pile.   
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Figure 7.15 Load-settlement curves for field static load tests 
7.1.6. Determination of Limit Load Capacity 
The limit load capacity of a pile is the capacity reached when pile 
settlement increases significantly for the smallest load increments.  When this 
load is reached the pile is said to be plunging.  There are several methods that 
can be used to extrapolate the limit load from the load-settlement curves 
obtained during the static load tests.  Chin’s method is the most widely used.  It is 
based on the assumption that the load-settlement relationship is hyperbolic 
according to the following equation: 
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1 2
s =C s+C
Q
 
Eq. 7.1 
where Q is the applied load on the pile; s is the settlement corresponding to load 
Q; and C1 and C2 are the slope and intercept of the load-settlement curve in s/Q 
vs. s space.   
The limit load capacity is equal to 1/C1.  Figure 7.16 shows the result of 
Chin’s method for the two static load tests.  Limit shaft and base capacities are 
used in the dynamic analysis using the proposed model in CHAPTER 6 because 
this model incorporates the nonlinear soil behavior.  At the pile shaft, limit 
resistance quickly mobilized and the dynamic analysis should reflect this 
behavior.  At the pile base, the hyperbolic model used to represent the nonlinear 
spring reaches the limit base resistance asymptotically.  Accordingly, the limit 
resistance should be specified at the base as well.   
The load transfer curves shown in Figure 7.17 demonstrate these 
concepts.  The shaft resistance is seen to reach a limit value well before the final 
load step while the base load keeps increasing.  Therefore, the limit shaft 
capacity is considered to be fully mobilized at the final loading stage.  The limit 
base resistance is found by taking the difference between the total limit load 
estimated from Chin’s method and the limit shaft resistance.   
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Figure 7.16 Limit load using Chin’s Method 
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Figure 7.17 Load transfer curves from the static load tests 
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Figure 7.18 shows the unit shaft resistance measured during the static 
load test at the final loading stage and the unit shaft resistance calculated from 
the design equations presented in SECTION 3.4.2.  The unit shaft resistances 
calculated from the design equations were based on the Aoki method and on the 
average CPT values obtained from the CPT performed at the pile location.  
These values were used later in the algorithm to predict the pile and soil 
displacement during a hammer blow using the proposed model.   
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Figure 7.18 Unit shaft resistance versus depth  
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7.2. Model Pile Load Tests in Bowen Laboratory 
The model pile load tests were conducted on the south side of the Bowen 
Laboratory for Large-Scale Civil Engineering Research at Purdue University.  
The purpose of the model tests was to examine driving conditions in a controlled 
setup and to use the results to validate the proposed model in the one-
dimensional wave equation analysis.  A model pile and drop hammer driving 
system were manufactured specifically for these tests.  The test pit dimensions 
were approximately 1.3m (52in) diameter and 1.3m (52in) depth.  Ottawa sand 
was used for the experiments because its soil properties are well-known.  Two 
model pile tests were performed in dry soil samples with two different relative 
densities.  The model pile was instrumented with strain gages and 
accelerometers to monitor the driving conditions.   
This experimental setup offers a unique opportunity to advance the 
understanding of pile driving for different pile types and soil conditions. These 
tests serve as a starting point for similar testing in the future as the conditions of 
the test pit and sample preparation are adjusted and improved.  The full 
procedure of testing is described and the recorded data is analyzed in the 
following sections.   
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7.2.1. Soil Properties 
Ottawa sand is a standard, clean quartz sand commonly designated as 
ASTM C 778.  The sand particles are round to subround, with diameters ranging 
from 0.1 to 0.6 mm.  It is a poorly graded sand according to the Unified Soil 
Classification System with a classification of SP and a coefficient of uniformity Cu 
of 1.43.  The mean grain size D50 is 0.38 mm and the specific gravity Gs is 2.65.  
The maximum and minimum void ratios emax and emin are 0.78 and 0.48, 
respectively, determined according to ASTM D 4254-91 and ASTM D 4253-93.  
The maximum and minimum dry unit weights of the sand are 17.56 and 14.60 
kN/m3, respectively.  The critical state friction angle cφ  is 29.5o and the 
regression parameters used for the calculation of Gmax are Cg=611, eg=2.17, and 
ng = 0.437.  
The sand samples in the pit were prepared at two different relative 
densities: DR=20% - 30% (very loose state) and DR=95% (very dense state).  The 
loosest state was achieved by emptying the sand bags into the test pit.  The goal 
was to allow the particles to deposit into the pit under the effect of gravity only.  
The densest state was reached by using a vibrating plate compactor.  The sand 
was placed in lifts and the compaction effort was controlled in order to achieve a 
homogeneously dense sample throughout the pit.  During the preparation of the 
dense sample, an earth pressure cell was placed in the soil close to the 
boundary, in order to measure the actual at-rest earth pressure coefficient (Ko), 
after the test pit is filled.  The model pile was expected to be driven to almost 
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80cm, so the earth pressure cell was placed at almost 40cm from the surface of 
the pit.  A value of Ko=1.1 was obtained after the sample was prepared.  This 
value was later used in the calculations of pile resistances.   
Given the conditions on site and the lack of a proper system to control the 
sand flow into the pit, it was necessary to take basic measurements to assess 
the density of the sand sample during preparation.  Knowing the minimum and 
maximum dry densities of Ottawa sand and measuring the dimensions of the test 
pit, the total mass of sand required to fill the pit to the loosest and densest states 
was calculated a priori.  The final mass of sand that filled the pit was very close 
to the estimated mass.  It is recognized that this is a very crude method of 
sampling preparation that has very limited control over the homogeneity of the 
specimen.  In future work, a pluvial deposition system, commonly used in 
calibration chamber testing, should be adopted.   
The stationary pluvial system is one type that could be adopted for these 
experiments.  The main idea is to allow the sand to fall from a certain height into 
the testing area.  The sand would be placed in a hopper whose base is shut by 
two misaligned plates.  Once the holes of the two plates are aligned, the sand 
flows from a certain drop height and reaches a diffusing system made of two 
sieves.  The diffusing system is necessary to create a uniform sand flow into the 
pit.  The relative density of the sample is controlled by the optimum combination 
of the drop height, the mesh size of the sieves, and the aperture size of the 
plates.  The optimum drop height was found to be 60 cm in order to allow the 
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sand grains to reach the surface at a uniform limit velocity.  At this limit velocity, 
the air resistance forces match the gravity forces (Vaid and Negussey 1984).  
The diffusing system consists of two sieves placed 20cm apart.  The sieve 
meshes are oriented in the horizontal at 45 degrees to each other and the 
openings are 3.5 mm wide with a wire thickness of 0.5 mm (Bellotti et al. 1982).  
If the optimum combination of the drop height and diffusing system are chosen, 
the relative density of a sample can be controlled by varying the aperture size of 
the plates.  A small aperture (10 mm) corresponds to a slower flow rate allowing 
the sand grains to fall into stable and compact positions to generate a dense 
sample.  A large aperture (20 mm) causes fast deposition and generates 
turbulent flow of air in the sand particles keeping them from reaching a stable 
position.  The fast sand flow generates a loose sample (Miura and Toki 1982, 
Brandon et al. 1991).   
7.2.2. Model Pile and Test Program 
The closed-ended pipe pile was made of mild steel with an outer diameter 
of 33.4mm (1.315 in) and a wall thickness of 4.54mm (0.179 in).  The end was 
closed with a load-cell-shaped base.  The total length of the pile was 1.05m, 
including the part above ground.  This model pile was instrumented with six 
electric resistance strain gages and two piezo-electric accelerometers.  Two of 
the strain gages and the two accelerometers were installed approximately two 
diameters below the pile head.  The other four strain gages were attached to 
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load-cell-shaped base.  The model pile was driven by a 30N hammer falling from 
a height of 500mm.  The model pile and drop hammer assembly schematics are 
shown in Figure 7.19.  Pictures taken during the preparation of the pile and 
during the field tests are shown in the APPENDIX .   
The dimensions of the test pit were chosen based on the studies done by 
many researchers on the chamber size needed for boundary effects on pile 
bearing capacity and cone penetration resistance to become negligible.  Parkin 
and Lunne (1982) suggested 50 times the cone diameter as the minimum 
chamber diameter, while Salgado et al. (1998) found that the chamber size has 
to be 100 times the cone diameter to reduce the size effects to negligible levels.  
Even though the literature suggests a test pit dimension at least 50 times the pile 
diameter, a few other factors played a role in deciding the final size of the pit.  
First, from an economic point of view, it was necessary to limit the dimensions of 
the pit to the minimum possible.  Second, in order to avoid any wave reflections 
occurring at the boundaries of the test pit, the pit walls were kept intact.  This 
meant that no wall shoring could be done.  Thus, considering the stability of a 
vertical cut in sand, the test pit dimensions were governed by safety issues.  It 
was found that a pit with maximum dimensions of 1.5 m diameter and 1.5 m 
depth would be sufficiently stable and large enough to eliminate all concerns.  In 
reality, the pit was excavated to a final diameter and depth of 1.3 m.  Note that, in 
this case, the boundary effects are much less than in calibration chambers which 
have rigid walls.   
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Figure 7.19 Model pile and drop hammer assembly 
During pile driving, the settlement per blow was recorded.  An oscilloscope 
was used to record the dynamic strains induced at the pile top and base during 
driving.  The penetration depth of the model pile was 86 cm for the loose sample 
and 70 cm for the dense sample.  The model pile could not go any further in the 
dense sample with the hammer weight and fall height used in the driving.   
In addition to the dynamic records, static pile load tests were performed to 
calculate the shaft and base capacities.  The CR5000 Campbell Scientific 
datalogger was used to record the static strains.  The pile was tested to plunging 
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and the ultimate load was defined as the load at a settlement corresponding to 
10% of the pile diameter.  The total load applied to the pile head was measured 
by a load cell with a capacity of 20kN.  The settlement of the pile head was 
measured by two dial gauges.   
7.2.3. Dynamic and Static Test Results 
7.2.3.1. Driving Resistance 
The pile driving records of penetration per blow versus cumulative 
hammer blow count are shown in Figure 7.20 for the two soil samples.  Driving in 
the loose sample was relatively very easy with a total of 20 blows to reach final 
embedment depth and 25mm/blow close to end of driving.  On the other hand, 
hard driving was experienced in the dense sample with a total of almost 400 
blows to reach final embedment depth and almost 0.6mm/blow close to end of 
driving. 
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Figure 7.20 Driving resistance in dense and loose samples 
7.2.3.2. Acceleration and Force Time Histories 
The acceleration histories were recorded for every blow as the pile was 
driven in the ground.  A few typical blow records during driving are shown in 
Figure 7.21 and Figure 7.22 for both soil states.  These figures show the raw 
data obtained from the PDA at the pile top without any changes applied to the 
results.   
The oscilloscope data records from the strain gages are particularly of 
interest at the pile base.  The dynamic force reaching the pile base in 
compression is recorded by the gages.  Knowing the dimensions of the load cell 
at the base, the stress and force values are calculated from the strain values.  
This dynamic force represents the dynamic base resistance of the pile.   
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Figure 7.21 Typical driving records of pile in loose sample 
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Figure 7.22 Typical driving records of pile in dense sample 
7.2.3.3. Load-Settlement Response 
The procedure followed during the two static load tests was similar to the 
one done in the field test.  The dead weight system was used instead of reaction 
piles to generate the resistance required for equilibrium.  Two concrete blocks 
were placed on the two sides of an H-beam that serves as the reaction beam.  
The model pile was located below the H-beam at the midpoint.  The hydraulic 
jack and load cell were placed in between the pile and the H-beam.  The dial 
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gages were attached to two reference beams placed on the two sides of the pile 
in order to monitor the pile settlement.  Similar to the field pile load test, the pile 
was tested to plunging.  The limit shaft and ultimate base capacities for both tests 
are presented in Table 7.2.  Figure 7.23 shows the axial load-settlement curves 
for the two tests.   
Table 7.2 Shaft and base capacities from the static load tests 
Soil State QsL (kN) QbL (kN) QL (kN) 
Loose (DR=20%) 0.303 0.07 0.373 
Dense (DR=95%) 4.72 5.5 10.22 
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Figure 7.23 Load-settlement curves for model pile static load tests  
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7.3. Validation of the Proposed Model 
Four examples are selected to validate the proposed model for the one-
dimensional wave equation analysis.  The test results from both full-scale and 
model-scale piles are used.  The proposed model is compared to the original 
Smith model.  The proposed model is also analyzed using two different cases of 
limit pile resistances.  The limit resistances from the static load test for the pile 
shaft and base and those from the design equations presented in SECTION 
3.4.1and SECTION 3.4.2 are used.  Example 1 is based on the full-scale pile 
load test done in Jasper County, IN.  Example 2 uses the results presented in 
Paik et al. (2003) for a pile load test done in Lagrange County, IN.  Examples 3 
and 4 are based on the model-scale pile load test for the dense and loose 
samples, respectively, done in Bowen Laboratory.   
7.3.1. Example 1: Full-Scale Field Pile in Jasper County 
The closed-ended pipe pile was driven using an ICE 42S single acting 
diesel hammer.  The ram weight was 18.2 kN.  The maximum hammer stroke 
was 3.13 m and the maximum driving energy was 56.8 kN-m.  The efficiency of 
the hammer was 67%.  The pile had an outer diameter of 0.356 m, thickness of 
0.0127 m, and length of 19.9 m.  It was driven into the ground to a depth of 17.4 
m.  The soil profile at the test site was mostly clayey silt and silty clay and the 
field and laboratory test results were shown in SECTION 7.1.1.  The numerical 
simulation of a blow is initiated by an impact velocity at the pile head for the pile 
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embedded at 17.4 m.  The limit resistances obtained from the static load test and 
those of the design equations were both considered in the analysis using the 
proposed model.   
The pile was discretized into 19 segments.  The pile segment above the 
ground, equal to 2.5m, was considered as a one segment.  The embedded pile 
section, equal to 17.4m, was divided into 18 segments.  The details of the 
discretization and the summary of the parameters used in the analysis are 
presented in Table 7.3.   
The small strain shear moduli of the different soils in the profile were 
estimated from the relationships presented in SECTION 6.4.  The relationships 
were chosen based on the soil type and the available soil properties.  The 
plasticity index was found from the laboratory results performed on soil samples 
obtained from the field.  The viscous parameters m and n were selected based 
on the ranges available for sands and clays. On average, the values m=0.9 and 
n=0.35 were used for predominantly silt layers, m=0.5 and n=0.35 for sandy 
layers, and m=1.25 and n=0.35 for clayey layers.  The limit shaft resistances 
obtained from the static load tests and those calculated using the design 
equations with the factors proposed in Aoki’s method were used in the analysis.  
The base resistance obtained from the static load test was 700kN and that 
calculated based on the CPT-results was 1176kN.  The limit shaft and base 
resistances obtained from the static load test were used to compare the results of 
the proposed model with the field results.   
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Table 7.3 Pile discretization and summary of parameters used in the analysis 
Soil Type Segment 
Length (m)
Gmax 
(kPa) 
Plasticity 
Index (PI)
m n QsL † 
(kN) 
QsL ? 
(kN) 
 2.5* 0 0 0 0 0 0 
Organic Soil 1.0 10,000# 89 0.9 0.35 0 0 
Silty Sand 1.0 60,000 0 0.5 0.35 32.65 3.75 
Silty Sand 1.0 60,000 0 0.5 0.35 32.65 3.75 
Silty Sand 1.0 60,000 0 0.5 0.35 32.65 3.75 
Clayey Sand 1.0 68,000 8 0.5 0.35 23.70 28.90
Clayey Sand 1.0 68,000 8 0.5 0.35 23.70 28.90
Clayey Sand 1.0 68,000 8 0.5 0.35 23.70 28.90
Sandy Clay 1.0 84,000 0 1.25 0.35 7.80 35.14
Clayey Sand 1.0 110,405 0 1.25 0.35 100.76 190.03
Silty Clay 1.0 176,000 19 0.9 0.35 0 39.76
Clayey Silt 1.0 288,000 10 0.9 0.35 89.83 29.90
Clayey Silt 1.0 288,000 10 0.9 0.35 89.83 29.90
Silty Clay 1.0 61,800 9 0.9 0.35 53.76 18.91
Silty Clay 1.0 61,800 9 0.9 0.35 53.76 18.91
Clayey Silt 1.0 262,800 10 0.9 0.35 124.05 54.96
Clayey Silt 1.0 262,800 10 0.9 0.35 124.05 54.96
Clayey Silt 1.0 262,800 10 0.9 0.35 284.6 156.34
Stiff Silt 0.4 100,000 0 0 0   
* 
Pile segment above ground 
# 
Assumed value for organic soils 
† 
Shaft resistances obtained from second static load test 
? Shaft resistances calculated from Aoki’s Method 
Figure 7.24 shows the pile top displacement curve obtained from the 
simulation plotted against a representative displacement curve from the PDA 
records, for a blow close to end of driving, and against the result obtained from 
the Smith model.  The observed displacement per blow during driving ranged 
from 5 to 15 mm.  The final pile displacement from the PDA blow record showed 
that it slightly increases from 8.0 mm to 9.6 mm.  The analysis using the 
proposed model estimated a final displacement of 8.82 mm, which falls within the 
range obtained from the PDA.  The Smith model, using the quake and damping 
constants, does not simulate the PDA results.   
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The force at the pile top is also compared to the PDA and Smith model in 
Figure 7.25.  The proposed model and Smith model initially estimate larger 
forces, mainly due to the initial boundary condition applied as an impact velocity.  
The proposed model dissipates the force quickly as shown in the PDA record 
also.   
The PDA records of displacement at the pile base are also compared to 
the results obtained from the proposed model and the Smith model.  In this case, 
both the static load test resistances and the ones calculated from the design 
equations are used for comparison.  Figure 7.26 shows that the proposed model 
estimated a final displacement at the pile base ranging between 8.47mm to 
10.77mm based on the static load test or design equations limit resistances, 
respectively.  The error in the displacement curve obtained from the PDA is most 
likely due to the defective accelerometer that recorded erroneous data and 
affected the results.   
The final displacements at the pile base resulting from the analysis of the 
proposed model indicate good agreement with what was observed in the field.  
On average, the penetration per blow ranged from 5-15mm.  This shows that the 
proposed model is capable of adequately predicting the final displacement.  
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Figure 7.24 Example 1 - Total displacement at pile top  
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Figure 7.25 Example 1 – Dynamic force at pile top  
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Figure 7.26 Example 1 - Total displacement at pile base  
As discussed in the previous chapter, the nonlinear soil behavior at the 
pile base was represented by a nonlinear spring with a hyperbolic backbone 
curve.  Figure 7.27 compares the load-settlement curve obtained from the 
second static load test performed on this pile to the hyperbolic model curve since 
the results of the second static load were used in this analysis.  Using the value 
of Gmax to obtain Kmax as described in the equations presented in SECTION 
6.1.2, it is shown that the hyperbolic model fits the actual load-settlement quite 
well. 
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Figure 7.27 Example 1 – Hyperbolic model compared to actual load-settlement 
curve 
A comparison between the dynamic and static resistances estimated 
using the proposed model and the Smith model at the pile base is shown in 
Figure 7.28.  It is clear that the Smith model overestimates radiation damping at 
the pile base.  This is due to the empirical damping constant used in this 
traditional model as well as its inability to account for all damping effects properly 
at the pile shaft and pile base.  The Smith model also does not have the ability to 
account for residual loads.  The results of the proposed model are also observed 
in the analysis done by Randolph (2003) and Simons and Randolph (1985) on 
the improved models they proposed.   
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The dynamic resistance in the Smith model dissipates to zero at the end 
of the blow, while that of the proposed model shows a sustained load of almost 
290kN at the end of the blow.  The dynamic resistance in both models initially 
rises above the static limit load then falls below the limit as plastic deformation 
continues.   
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Figure 7.28 Example 1 - Pile base resistance from proposed model and Smith 
model 
The sustained resistances at the end of the blow indicate that residual 
loads are locked in at the pile base, equilibrated by the residual shaft resistances.  
The observations from the results of the proposed model are similar to those of 
the improved models proposed by Simons and Randolph (1985) and Deeks and 
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Randolph (1995).  Simons and Randolph (1985) study the effect of residual loads 
and repeat the application of the blow several times.  They indicate that after 4 to 
5 blows, steady state is reached and a residual base force of almost half of the 
failure load is locked in.  Further investigation regarding the effect of residual load 
coupled with field measurements of induced loads during driving can potentially 
add more insight on this behavior.  Ultimately, a continuous simulation of the pile 
driving process could be carried out, if the residual loads are properly 
considered.   
7.3.2. Example 2: Field Pile Load Test in Lagrange County 
The results of a previous field pile load test were used to validate the 
proposed model and to compare the results with the Smith model.  The example 
was taken from a pile load test done on a bridge construction project in Lagrange 
County in Indiana.  The details of the test pile, its instrumentation, and the soil 
characterization at the site are discussed thoroughly in Paik et al. (2003).  A 
closed-ended pipe pile was driven using the same ICE 42S single acting diesel 
hammer presented in SECTION 7.3.1.  The pile had an outer diameter of 0.356 
m, thickness of 0.0127 m, and length of 8.24 m.  It was driven to a depth of 6.87 
m.  The soil deposit at the site was predominantly gravelly sand.  The first 3 m of 
the deposit were in a loose state (DR=30%) and the rest of the deposit was dense 
to very dense (DR=80%).  The permanent displacement per blow ranged from 9 
to 15 mm.  The numerical simulation of a blow was done using the original Smith 
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model and the proposed model.  The static and base resistance values were 
calculated using the design equations presented in CHAPTER 3 for sands based 
on CPT results.  The Gmax values are calculated from the Hardin and Black 
(1968) relationship for sands presented in SECTION 6.4.  The viscous 
parameters for gravelly sand were assumed to be: m=0.5 and n=0.3. 
Figure 7.29 shows the displacement versus time plots for the pile base 
obtained from the original Smith model and from the proposed model.  Similar to 
Example 1, these results also indicate that the proposed model predicts larger 
final displacement at the base than the Smith model.   
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Figure 7.29 Example 2 – Total displacement at pile base  
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Figure 7.30 shows the total and static base resistances estimated from 
both Smith and the proposed model.  A larger dynamic amplification is also seen 
in the Smith model with the resistance totally dissipates at the end of the blow.  
The proposed model does not predict the same magnitude dynamic resistance, 
but clearly maintains a sustained resistance at the end of the blow.  The 
sustained load in the proposed model is almost 260kN.  These results validate 
the ones presented in Example 1 and show that by proper accounting for the 
stiffness and damping effects, the wave equation analysis is improved 
tremendously and allows the better estimation of the displacements and 
resistances.   
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Figure 7.30 Example 2 – Base resistance curves showing Smith model versus 
proposed model  
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Figure 7.31 shows the dynamic resistance versus time where the 
magnitude of sustained resistance in the proposed model is clear.  The 
resistance from the Smith model oscillates after the first peak and then totally 
dissipates.   
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Figure 7.31 Example 2 – Pile base resistance versus time 
7.3.3. Example 3: Model Pile Case in Dense Sand 
The closed-ended pipe pile, driven using a drop hammer, was embedded 
in the dense sand test pit at 70 cm below ground surface.  The ram weight was 
0.03 kN.  The maximum hammer stroke was 0.5 m and the maximum driving 
energy was 0.0015 kN-m.  The efficiency of the hammer was assumed to be 
100%.  The pile had an outer diameter of 0.0334 m, thickness of 0.0045 m, and 
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length of 1.05 m.  The relative density of the test pit was 95-100%.  The limit 
static shaft and base resistances were evaluated using the design equations, Eq. 
3.13 and Eq. 3.8, respectively.   
( ) R
0.841-0.0047D
bL h
c c R
A A
q σ'=1.64exp 0.1041 + 0.0264-0.0002 D
p p
φ φ ⎛ ⎞⎡ ⎤ ⎜ ⎟⎣ ⎦ ⎝ ⎠  
Eq. 3.8
[ ]sL b,10% R bLq =0.02tanδq 0.02tanδ 1.02-0.0051D q=  Eq. 3.13
For the Ottawa sand in the test pits, Gmax was estimated using Eq. 6.27 
according to Hardin and Black (1968) and the intrinsic material variables of 
Ottawa sand were used (Cg=611, eg=2.17, and ng=.0.437).   
( )2 1
maxG '1
g gg n n
g m
e e
C p
e
σ A −
−= +  
Eq. 6.27
During driving, the changes in stress state around the pile result in a 
higher coefficient of lateral earth pressure K than the at-rest earth pressure Ko.  
The values of Gmax were calculated based on the actual values after driving and 
thus the mean effective stress 'mσ  in Eq. 6.27 was calculated using the lateral 
earth pressure K instead of Ko.  Salgado (2008) discusses the variation of K/Ko 
for the different pile types.  For displacement piles (driven piles), K/Ko is given by 
the following equation: 
( ) LR
o o
K q=0.02 1.02-0.0051D %
K K σ'
⎡ ⎤⎣ ⎦
v
 Eq. 7.2 
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where qbL is the limit base resistance calculated using Eq. 3.8, DR is the relative 
density, and σ  is the vertical effective stress at the point where K is being 
evaluated.   
v'
As explained in SECTION 3.3, the failure mechanism at the pile base is 
similar to that of a footing.  This causes an increase in lateral effective stress 
similar to the increase seen along the shaft since the soil is being displaced and 
pushed away by the pile.  Gmax for the pile base is thus calculated using Eq. 6.27 
for a mean effective stress using an approximate value of Kh taken as the value 
for the last pile shaft segment.   
The viscous parameters for the Ottawa sand used in this test pit are 
chosen as; m=0.4 and n=35.  The pile section below ground was discretized into 
seven equal segments, 0.1m each.   
The limit resistances obtained from the design equations were compared 
to the limit resistances obtained from the static load test, as shown in Table 7.4.  
It is clear that the limit resistances obtained from the design equations (Eq. 3.8 
and Eq. 3.13) were not comparable to those obtained from the static load test.  
The design equations were developed for high confining stresses that are not 
present in the small-size test pit.  This may explain the difference between the 
calculated resistances and the static load resistances.  Further testing in the test 
pit is necessary to validate this observation.   
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Table 7.4 Shaft and base capacities from design equations for dense sample 
 Total QsL 
(kN) 
QbL (kN) QL (kN) 
Design Equations 16.815 9.825 26.64 
Static Load Test 4.72 5.5 10.22 
The results from the proposed model were also compared to the observed 
penetration during driving as the pile reaches final embedment depth.  The 
results shown below concentrate on the displacement and resistance outputs for 
the pile base and representative segments along the pile shaft.  The total limit 
shaft resistance obtained from the static load test was divided equally among the 
pile shaft segments, whereas the design equations were used to calculate the 
appropriate shaft resistance for each segment separately.   
Typical plots of the dynamic force at the base obtained during driving are 
shown in Figure 7.32 and Figure 7.33.  The dynamic base resistance obtained 
from the numerical simulation was also compared to the dynamic force recorded 
by the oscilloscope at the pile base in Figure 7.34.  The peak force at the pile 
base obtained from the proposed model is close to the observed dynamic peak 
force from the oscilloscope.  The simulation shows the peak resistance about 
3.70kN which flattens down to a residual value of 1.825kN at the end of the blow.  
The peak force recorded by the oscilloscope is about 5.5kN and the residual 
value is almost zero.  The discrepancy in behavior is most likely due to the setup 
of the load cell at the base.  Figure 7.35 shows how the load cell was placed in 
the pipe pile and a 5 mm gap was left between the base of the load cell and the 
end of the pipe.  This gap was filled with silicon caulking for waterproofing and for 
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separating the base resistance from the shaft resistance.  It is not clear though 
why a residual force is not seen from the field record of the strain gages installed 
in the smaller section of the load cell.  Further investigation is recommended to 
check the reproducibility of these results.  The continuation of the model pile 
testing is essential to establish a better understanding of the driving effects.   
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Figure 7.32 Example 3 – Initial dynamic force at pile base from oscilloscope 
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Figure 7.33 Example 3 – Dynamic force at pile base from oscilloscope  
Dynamic Force at Pile Base
7
-2
-1
0
1
2
3
4
5
6
0.000 0.002 0.004 0.006 0.008
Time (sec)
Fo
rc
e 
(k
N
)
 
Figure 7.34 Example 3 - Oscilloscope versus simulation results 
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Figure 7.35 Pile base load cell 
The displacement per blow recorded during the driving of the model pile in 
the dense sand pit was on average equal to 0.6mm for the last 5cm of driving.  
Figure 7.36 shows the plots of top displacement obtained from the proposed 
model using both the static load test results of limit base resistance and the 
results from the design equation.  A PDA record for a blow record close to end of 
driving is included to show the actual field measurement of displacement.  
Neither the resistances obtained from the static load test, nor the ones calculated 
from the design equations provide a good prediction of the final displacement for 
a blow.  Figure 7.37 shows the total resistance curves obtained for representative 
shaft segments versus time from the analysis.  These results indicate that the 
proposed model has the ability to predict sustained loads along the pile shaft, 
which represents accurately that tension forces are locked along the pile shaft 
after a hammer blow.  Tension residual loads are balanced by the compression 
residual load at the pile base to keep the pile in equilibrium.   
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Figure 7.36 Example 3 – Top displacement from proposed model and PDA 
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Figure 7.37 Example 3 – Total resistance of representative shaft segments 
versus time 
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Figure 7.38 compares the actual load-settlement curve obtained during 
the static load test with the hyperbolic model used to represent the nonlinear soil 
behavior at the pile base.  This figure shows that the hyperbolic model described 
in SECTION 6.1.2 follows closely the load-settlement curve which proves its 
ability to represent the behavior accurately during the analysis.  The total 
resistance at the pile base versus time is plotted in Figure 7.39 which indicated a 
total residual load at the end of the blow equal to 1.85 kN.   
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Figure 7.38 Example 3 – Hyperbolic model compared to actual load-settlement 
curve 
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Figure 7.39 Example 3 – Pile base resistance versus time 
7.3.4. Example 4: Model Pile Case in Loose Sand 
The same procedure was followed to drive the closed-ended pipe pile into 
the loose sand test pit.  The same drop hammer was used and the pile was 
embedded at 86 cm below ground surface.  The relative density of the test pit 
was about 20-30%.  The limit static shaft and base resistances were also 
evaluated using the design equations Eq. 3.13 and Eq. 3.8, respectively.  The 
pile section below ground was discretized into seven equal segments.  The 
results shown below concentrate on the displacement and resistance outputs for 
the pile base and the middle segment along the pile shaft.   
The results of the numerical simulation of a blow were compared to the 
field records as the pile reaches the final embedment depth.  The dynamic force 
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at the base obtained from the oscilloscope as the pile is close to the final 
embedment depth is shown in Figure 7.40.  Two driving tests were done in the 
loose test pit to check the consistency of the results observed.  Figure 7.41 
shows the dynamic base resistance obtained from the numerical simulation and 
that recorded at the pile base.  On average, the dynamic force on site oscillated 
around 0.5-0.6 kN, as shown in Figure 7.40 from two driving tests.  The 
numerical simulation showed the dynamic force oscillating close to 0.7 kN.  
Further testing is necessary to also check the reproducibility of these results.   
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Figure 7.40 Example 4 – Dynamic force at pile base from oscilloscope 
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Figure 7.41 Example 4 – Oscilloscope versus simulation results 
The displacement per blow that was recorded during driving was on 
average 2.5 cm for the last few blows.  Figure 7.42 shows the plots of base 
displacement obtained from the proposed model using both the static load test 
results of limit base resistance and the results from the design equations (Eq. 3.8 
and Eq. 3.13).  Neither of the two cases predicted a final displacement close to 
the observed displacement on site.  The limit loads observed from the static load 
test were also not comparable to the resistances calculated from the design 
equations, as shown in Table 7.5.  The design equations were developed for high 
confining stresses that are not present in the small-size test pit.  This may explain 
the difference between the calculated resistances and the static load resistances.  
However, further testing in the test pit will provide more information that helps in 
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delineating the causes of ineffectiveness of the proposed model to predict the 
actual displacement.   
Table 7.5 Shaft and base capacities from design equations for loose sample 
 Total QsL 
(kN) 
QbL (kN) QL (kN) 
Design Equations 1.462 0.508 1.97 
Static Load test 0.303 0.07 0.373 
Figure 7.43 shows the PDA record for the pile top displacement for Blow 
#17 close to end of driving.  Comparing the results from Figure 7.42 and Figure 
7.43 shows that the proposed model fails to predict the actual displacement 
observed during driving.  Figure 7.44 shows the typical total resistance curves 
obtained for representative shaft segments from the analysis.  Similar to the 
results obtained in the dense sample test, the proposed model is also capable of 
predicting residual loads along the pile shaft.   
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Figure 7.42 Example 4 – Pile base displacement from proposed model analysis  
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Figure 7.43 Example 4 – Top displacement from PDA record  
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Pile Shaft Resistance
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Figure 7.44 Example 4 – Total resistance of representative shaft segments 
versus time 
7.4. Conclusion 
This Chapter presented the experimental field work that was done to 
validate the proposed model chosen for the pile driving analysis.  The pile load 
tests included both static and dynamic testing which provided ample information 
to compare with the results of the simulations.  It was shown that the proposed 
model accurately predicts the pile displacement at the base in most cases.  
Several points were highlighted that should be investigated in the future.  In 
particular, the continuation of the testing program on the model pile is essential.  
The results of such controlled experimental setup prove to be valuable.  A 
comparison was also made between the proposed model and the original Smith 
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model.  The results observed from the proposed model simulation were 
confirmed by other researchers as well.  The contribution of this research is 
mainly the proposed model developed based on stiffness and damping 
parameters depending solely on intrinsic soil properties and the elimination of the 
empirical quake and damping factors.  The main conclusions of this Chapter are 
summarized below: 
a) The proposed model adequately predicts the final pile displacement 
observed during driving in the field pile tests and the model pile test 
performed in the dense sample; 
b) The proposed model fails to predict the actual pile displacement for 
the model pile driven in the loose sample; 
c) The proposed model adequately accounts for the nonlinear soil 
behavior at the pile base by using a hyperbolic backbone curve that 
follows closely the actual load-settlement curve obtained during a 
static load test; 
d) The proposed model does not over-estimate radiation damping and 
allows for sustained loads to remain after the analysis is complete; 
e) The presence of sustained loads is also observed in previous 
research done on improved models for the wave equation analysis; 
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f) The Smith model over-estimates radiation damping due to the use 
of empirical damping constants and does not have the capability of 
predicting the residual loads that remain in the pile after a blow; 
g) Finally, the continuation of the testing program on the model pile is 
necessary to check the reproducibility of the results that are shown 
in this research. 
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CHAPTER 8. RECOMMENDATIONS AND CONCLUSIONS 
The contributions of this research were divided in two parts.  First, the 
review and assessment of the static pile design processes typically followed in 
practice showed the need for improvement in many areas.  New state-of-the-art 
design methods were recommended to replace the existing, often empirical, 
ones.  Second, the assessment of dynamic soil models used in the wave 
equation analysis highlighted the deficiencies in the existing linear models as well 
as the shortcomings of the current dynamic analysis based on the widely used 
empirical quake and damping constants.  New stiffness and damping parameters 
were introduced to model the response of the shaft and base resistances during 
pile driving.  The soil along the pile shaft was modeled by a plastic slider and 
viscous dashpot in series with an equivalent spring and radiation and hysteretic 
dashpot.  The soil at the pile base was modeled by a nonlinear spring and a 
radiation dashpot.  This forms the proposed model that was used in this 
research.  The wave equation analysis was modified based on this model and an 
implicit time integration scheme was used to replace the existing explicit scheme.  
The algorithm was written in MathCAD to do the analysis.  The proposed model 
also eliminated the use of the quake and empirical damping conditions present in 
the existing wave equation model proposed by Smith (1960).  The results 
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obtained from the algorithm were validated using several field experiments and 
were also compared to the results obtained from the original Smith model that is 
still used in practice.   
8.1. Assessment of Static Pile Design Methods 
The review of the current practice in pile design showed that, in general, 
good practices are followed by the public and private sectors.  Performing more 
static load tests was encouraged and the need to carry them out to plunging was 
indicated.  Static load tests reaching plunging provide the designer with more 
information about the actual pile capacity than any other testing method.  A 
database of these results would be beneficial for continuous updating of the 
design methods as more experimental results are added.   
New pile design methods based on rigorous analytical solutions, finite 
element analysis, and experimental results were recommended to replace the 
existing methods.  Load and Resistance Factor Design (LRFD) methods were 
also recommended as the deadline to replace the Working Stress Design (WSD) 
framework gets closer.  The resistance factors for these LRFD methods were 
suggested based on a systematic framework that was strictly followed to assess 
all uncertainties present in a particular design method.  These uncertainties were 
controlled by only choosing the methods that are derived from calibration 
chamber testing, numerical modeling results, and detailed pile load tests.   
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8.2. Assessment of Dynamic Analysis and Soil Models 
Advances in modeling the dynamic pile-soil interaction have been 
available since the 1980’s but their commercial implementation has been very 
slow.  The work in this research showed that the empirical parameters used in 
the original Smith model are still used in the dynamic analysis of pile driving.  
Several existing soil models were presented and their advantages and 
disadvantages were discussed.  The rigorously developed stiffness and damping 
parameters by Michaelides et al. (1997) and Deeks and Randolph (1995) were 
chosen for the pile shaft and base, respectively.  These parameters depend 
primarily on the small strain shear modulus Gmax, plasticity index PI, soil density 
sρ , and Poisson’s ratio ν .   
New stiffness and damping parameters were introduced to model the 
response of the shaft and base resistances during pile driving based on nonlinear 
analysis.  The soil along the pile shaft was modeled by a plastic slider and 
viscous dashpot in series with an equivalent spring and radiation and hysteretic 
dashpot.  The soil at the pile base was modeled by a nonlinear spring and a 
radiation dashpot.  The algorithm for the numerical wave equation analysis based 
on the proposed model was written using an implicit time integration scheme.  
The input parameters were limited to the pile dimensions, hammer properties, 
soil properties, and static pile resistances.  The limit static resistances along the 
pile shaft and at the base could be calculated using the recommended design 
equations in CHAPTER 3 or obtained from the field static load tests.   
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8.3. Validation of the New Soil Model 
The experimental field results were used to validate the proposed model 
chosen for the pile driving analysis.  The pile load tests included both static and 
dynamic testing which provided ample information to compare with the results of 
the simulations.  It was shown that the proposed model accurately predicted the 
pile displacement at the base in most cases.  A comparison was also made 
between the proposed model and the original Smith model.  The results 
observed from the proposed model simulation were confirmed by other 
researchers.   
The contribution this research was mainly the accounting of the soil 
response during driving based on the expected degradation shear modulus and 
damping characteristics under cyclic loading conditions.  The hysteretic, viscous, 
and radiation damping effects were incorporated in the shaft and base models 
separately.  Residual loads could be accounted for in this model as opposed to 
the original Smith model.  The locked in resistance generated by pile driving is 
very important in the analysis of multiple blows.  The main conclusions of the 
research are summarized below: 
a) The proposed model adequately predicts the final pile displacement 
observed during driving in the field pile tests and the model pile test 
performed in the dense sample; 
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b) The proposed model fails to predict the actual pile displacement for 
the model pile driven in the loose sample; 
c) The proposed model adequately accounts for the nonlinear soil 
behavior at the pile base by using a hyperbolic backbone curve that 
follows closely the actual load-settlement curve obtained during a 
static load test; 
d) The proposed model does not over-estimate radiation damping and 
allows for sustained loads to remain after the analysis is complete; 
e) The presence of sustained loads is also observed in previous 
research done on improved models for the wave equation analysis; 
f) The Smith model over-estimates radiation damping due to the use 
of empirical damping constants and does not have the capability of 
predicting the residual loads that remain in the pile after a blow; 
8.4. Further Development 
Several points were highlighted that should be investigated in the future.  
In particular, the continuation of the testing program on the model pile is 
essential.  The results of such controlled experimental setup prove to be 
valuable.  This setup offers a unique opportunity to advance the understanding of 
pile driving for different pile types and soil conditions.  The performed tests 
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served as a starting point for similar testing in the future as the conditions of the 
test pit and sample preparation are adjusted and improved.  In future work, a 
pluvial deposition system, commonly used in calibration chamber testing, should 
be adopted.  The model pile instrumentation should also be revised.  Additional 
strain gages and accelerometers can be used to gather more information during 
driving.  Strain gages can be added to the pile shaft and a small accelerometer 
be used at the pile base.  Accelerometers can also be placed in the soil pit to 
monitor the wave propagation in the medium.   
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APPENDIX . FIELD AND MODEL PILE LOAD TEST PICTURES 
 
Figure A.1 Vibrating wire strain gage being welded to pile surface 
 
Figure A.2 Spot welded gage on smoothed pile surface 
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Figure A.3 Gage protected with steel cover and silicon caulking 
 
Figure A.4 ICE-42S diesel hammer used in pile driving 
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Figure A.5 Pile marked every one foot for blow count records 
 
Figure A.6 Static pile load test setup for field pile 
 
Figure A.7 Electric resistance strain gage attached to pile base load cell 
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Figure A.8 Strain gages and accelerometers attached to pile top 
 
Figure A.9 Model pile setup 
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Figure A.10 Close-up on drop hammer and model pile top 
 
Figure A.11 Load cell and hydraulic jack setup for model pile 
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Figure A.12 Static pile load test setup for model pile 
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